A dissertation for doctoral degree

MODELING OF WATER-AIR-SOIL THREE-PHASE
MATERIAL AND ITS APPLICATION TO GEOTECHNICAL
DISASTER INCLUDING LIQUEFATION

K2R IR F AR DO IR EDOET ML L

HwRILZ SO HBKE~DEH

Supervised by
Professor Feng Zhang

Xiaohua Bao
Department of Scientific and Engineering Simulation
Nagoya Institute of Technology, Japan

May 2012



Abstract

Geotechnical disasters have always threatened human being not only because the
disasters may lead to tremendous loss of life and properties, but also it may take a long
time to recover or even unrecoverable. Various factors of the geotechnical disasters are
existed, among which, heavy rain and earthquake are the two main factors that are
difficult to predict. Slope failures caused by heavy rain and liquefaction caused by
earthquake are tremendous disasters to human being and civil facilities. These two
phenomenons have been investigated by engineers for a long time. The mechanisms of
slope failure due to rainfall and liquefaction due to earthquake have been investigated
thoroughly as the development of soil mechanics. In a word, in many cases we have to
deal with these geotechnical problems depending on saturated soil mechanics or
unsaturated soil mechanics.

As is known that saturated soil mechanics has been widely developed for a long time,
but for unsaturated soil mechanics, many challenges still lie ahead to geotechnical
engineers, especially its engineering practice to solve boundary value problems. The
main purpose of this dissertation is to use the existing theories on both saturated and
unsaturated soil mechanics to solve various boundary value problems.

For the unsaturated soil problems, first, a new constitutive model based on the
experiment study is proposed by Zhang (2011). The constitutive model for unsaturated
soil using the skeleton stress and degree of saturation as independent state variables is
therefore possible to be able to describe not only the behaviors of unsaturated soil but
also saturated soil because the skeleton stress can smoothly shift to effective stress if
saturation changes from unsaturated condition to saturated condition.

Next, 2D FEM approaches that consider the interaction between soil skeleton, pore
water and pore air in one-dimensional infiltration problem is conducted. In this
three-phase field theory, the displacement of solid u and the pore water pressure p” are
taken as the basic variables in the governing equations. The finite element is used to
discretize the field equations in space, and finite difference method is used for the
discretization of the continuity equation for the pore fluid. Newmark-f method is
employed to descretize the field equation in time.

Last, combining the proposed new constitutive model and soil-water-air three-phase
mixture theory, 2D unsaturated-saturated numerical analysis is performed using a FEM
program SOFT to simulate the process of infiltration in the unsaturated Shirasu slope.

The numerical simulation aims to reproduce the three cases of soil tank model tests of



unsaturated Shirasu slope, in which water injection is conducted from the bottom and

back of the slope respectively. Simulation results are compared with test results to verify

the proposed constitutive model and numerical method.

For the saturated soil problems, numerical simulation on different kinds of ground is
carried out using cyclic mobility model proposed by Zhang (2007). The calculation
includes three types of ground:

1) Dry sand ground. Numerical tests on seismic enhancement effect of existing
group-pile foundation with ground improvement are first conducted to find out the
optimum pattern of ground improvement around existing pile foundation. In the
numerical tests, three influential factors are considered, that is, the depth, the
thickness (or height) and the width (or length) of the ground-improvement zone
around the pile group. The numerical tests are conducted in static push-over
condition. Firstly, find out an optimum pattern for the partial-ground improvement
around an existing pile foundation, and secondary, confirm the efficiency of seismic
enhancement by the partial-ground improvement method both by shaking table tests
and numerical analyses. As a consequence, the applicability of the DBLEAVES for
evaluating the seismic behavior of pile foundation is verified again. In the numerical
analyses, nonlinear behaviors of ground and pile are described by cyclic mobility
model (Zhang et al, 2007) and axial force dependent model (AFD model) proposed
by Zhang and Kimura (2002), respectively.

2) Saturated soft rock ground. Simulation is performed on the undersea soft rock under
high confining stress state subjecting to dynamic loading to clarify the mechanism
process of the formation from proto-decollement to decollement, which is one step
to the clarification of the earthquake mechanism. In the calculation, parameters of
the soft rock are determined based on laboratory tests and element simulation. The
mechanical behaviors of the soft rock subjecting to huge dynamic loadings such as
earthquake motions are well examined. The study object is selected at a depth of
1650m under seabed, where has a confining stress of 9.75MPa. Through the results
including acceleration, effective stress and excess pore water pregsure, it is
understood that decollement zone with a high confining stress may consolidate and
become dense when subjected to huge shear stress caused by earthquake.

3) Saturated sand-silt mixed ground. To evaluate the anti-seismic performance of Kanie
Parking Lot foundation based on liquefaction analysis, numerical simulation was
carried out by 2D soil-water coupled finite element method in two cases, which are
the long-pile type foundation and short-pile type foundation. In the numerical

calculation, the process during earthquake was simulated by a dynamic soil-water



coupled analysis, while the process of dissipation of excess pore water pressure was
simulated by a static consolidation analysis. The mechanical behavior of the ground
during liquefaction and the settlement in post-liquefaction is well examined.
Through the results, it is clear that although the ground in both two cases liquefied,
the structure with the long-pile type foundation has less uneven settlement than the
short-pile type foundation after earthquake. The seismic stability of the structure

foundation was well evaluated by this numerical analysis.
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CHAPTER 1 Introduction

1.1 Problem and objectives

Geotechnical disasters always draw much attention of geotechnical engineers not
only because geotechnical disasters may case tremendous lose of life and properties ,
but also it may take a long time to recover or unrecoverable. Various factors of the
geotechnical disasters are existed, among which, heavy rain and earthquake are the two
main factors that can be avoided and even difficult to predict. Slope failures caused by
heavy rain and liquefaction caused by earthquake are tremendous disasters to human
being and civil facilities. These two phenomenons have been investigated by
engineers for a long time. Figure 1 shows the natural disaster of slope failure and
liquefaction. To avoid or reduce the damages caused by slope failure and liquefaction,
mechanism of slope failure and liquefaction has to be made clear. Figure 2 shows the
mechanism of slope failure due to rainfall. Figure 3 shows the mechanism of
liquefaction due to earthquake clearly.

a) Slope failure b) Liquefaction

Figure 1 Natural disaster of slope failure and liquefaction



Raining

JJ- Artificial ground
o Mg
@ -
A ed zone :
(O . Original bse
b Rise of water table

Mechanical behaviors of unsaturated soil ~ Mechanical behaviors of unsaturated soil

Figure 2 Mechanism of slope failure due to rainfall

Sand water

¢ 1) Before
TS earthquake
Sand and mud spray out
" Spray sand

L
2) During
earthquake

consolldatlon

3) After
earthquake

Figure 3 Mechanism of liquefaction due to earthquake

First, for the slope failure in unsaturated conditions, it is closely related to heavy
rainfall and infiltration. As shown in Figure 2, the mechanism leading to the slope
failure is that the matric suction (negative pore water pressure) decreases when water
infiltrates the unsaturated zone in raining seasons. The loss of matric suction makes the
shear strength of the soil decrease below the mobilized shear strength along the
potential slip surface (Hsin-Fu Yeh, et al, 2006). Usually unsaturated residual soils
experience high matric suction in dry period, which contributes to the shear strength of
the soil. But in the longtime wet period, there is sufficient infiltration into the slope, and



the matric suction of the soil decreases, in turn results in an increase in the degree of
saturation. At this time, the additional shear strength provided by the matric suction may
be reduced enough to trigger a shallow landslide (Fredlund and Rahardjo, 1993).
Secondly for the liquefaction, it has been clear that a transfer of intergranular stress
from grains to pore water is the main mechanism. As shown in figure 3, when saturated
sand is subjected to vibration, excess pore water pressure will build up, which reduce
the effective confining stress. If the effective stress reduces to zero, soil will loose all of
its strength and stiffness to support structures. The soil of this state will behave like a
viscous fluid. After vibration stops, the soil will reconsolidated because of the
dissipation of excess pore water pressure. At this time, usually a large contractive
volume change occurs. The National Research Council (1985) lists eight types of failure
commonly associated with soil liquefaction earthquakes:
@ Sand boils, which usually result in subsidence and relatively minor damage.
Flow failures of slopes involving very large down-slope movements of a soil mass.

Lateral spreads resulting from the lateral displacements of gently sloping ground.

Ground oscillation where liquefaction of a soil deposit beneath a level site leads to
back and forth movements of intact blocks of surface soil.

Loss of bearing capacity causing foundation failures.

Buoyant rise of buried structure suck as tanks.

Ground settlement, often associated with some other failure mechanism.

Failure of retaining walls due to increased lateral loads from liquefied backfill soil
or loss of support from liquefied foundation soils.
Moreover, in a huge earthquake including multiple earthquake vibrations in a short
period of time (main shock + several big aftershocks within one year or so), liquefaction
may not only happen in main shock but also happen in aftershock whose acceleration is
very small, which in a normal knowledge, is not strong enough to cause liquefaction.
These big disasters are concerned to saturated-unsaturated soil mechanics. Although
soil mechanics has rapidly developed in theory, it is still not enough in engineering
practice. Especially unsaturated soil mechanics, many challenges still lie ahead before
engineers clearly understand how best to apply unsaturated soil mechanics in
engineering practice (Fredlund, D. G. 2006). In situ test is the best way to study the
engineering problem, but it is not practical because of high cost and long time. So
laboratory model tests are widely conducted by researchers. The biggest problem in
model tests is that the model scale can not represent the real scale fully. As the
development of computer technology, numerical simulation using FEM or FDM has

gradually played an important role in achieving practical geotechnical solutions. In this



case, the constitutive model for soil is the key factor in numerical simulation.

To well examine and correctly predict the ground behavior in these geotechnical
disasters, on the one hand a suitable constitutive model for soil should be proposed to
ensure that the ground soil can be described exactly in element condition; on the other
hand, a FE-FD analysis program has to be selected to make sure that the numerical
simulation is reasonable. At last, model tests should be conducted with a comparison
between simulation and tests results to confirm the accuracy of numerical analysis.

The main object of this dissertation contains two parts:

(1) Modeling of water-air-soil three-phase material and its application to unsaturated
slope failure. First, a new constitutive model for unsaturated soil is introduced. The
model is achieved by assuming that normally consolidated line in unsaturated state
(N.C.L.S.) is parallel to the normally consolidated line in saturated state (N.C.L)butina
higher position than N.C.L. in the void ratio-logarithmi(; mean skeleton stress (e-Inp)
relation. In the model, which can describe the mechanical behaviors of both unsaturated
and saturated soils, the skeleton stress tensor and the degree of saturation are selected to
be independent state variables. Secondly, a water- air-soil three-phase model is proposed
to solve unsaturated boundary value problem. The assumption that the air in the soil is
always connected to atmosphere and its pressure is given as 0 is used. Third, combining
the new constitutive model and proposed three-phase theory in the program named as
SOFT, a simulation of one element is carried out with two different loading conditions
to verify the availability of the program in simulation unsaturated problems. Finally, 2D
finite element analysis was carried out to simulate the model test of unsaturated Shirasu
slope failure. By comparing the calculated results to test results, the constitutive model
and three-phase theory are verified.

(2) Numerical analysis in solving geotechnical problems including liquefaction. In
this part, numerical simulation on three kinds of ground was carried out based on Cyclic
Mobility Model (Zhang, 2007) using the program DBLEAVES (Ye, 2011). The first one
is numerical test on seismic enhancement effect of improved dry sand ground pile
foundation with a comparison between the simulated results and shakin;g table tests
results; The second one is dynamic analysis of undersea soft rock to clarify the
mechanism of the formation process from the proto-decollement to the decollement;
The third one is liquefaction analysis of sand-silt mixed ground foundation of Knie
Parking lot to evaluate the stabilities of different kinds of foundation in earthquake.



1.2 Outline of the dissertation

The composition of the dissertation is listed as follows:

Chapter 2 Constitutive model for unsaturated soil: Reviews on the development of
constitutive model for unsaturated soil are presented firstly. Then a new constitutive

model using skeleton stress and degree of saturation is described in detail.

Chapter 3 Using Soil-water-air three-phase mixture theory in FEM: 2D FEM
approaches that consider the interaction between soil skeleton, pore water and air in

one-dimensional infiltration problem is described in detail.

Chapter 4 Numerical simulation of unsaturated Shirasu slope failure and comparison
with soil tank test results: 2D unsaturated-saturated soil-water-air three-phase coupled
finite element analysis is conducted on model Shirasu slope. Simulation results are
compared with soil tank test results to verify the proposed constitutive model and FEM
method.

Chapter 5 Numerical simulation of ground improvement for group-pile foundation and
comparison with shaking table test results: Numerical tests on seismic enhancement
effect of existing group-pile foundation with ground improvement are first conducted to
find out the optimum pattern of ground improvement around existing pile foundation.
Then the efficiency of seismic enhancement by partial-ground improvement method is

confirmed by shaking table tests and numerical analysis.

Chapter 6 Dynamic analyses of undersea soft rock: Simulate the undersea soft rock
under high confining stress state subjecting to dynamic loading to clarify the
mechanism process of the formation from proto-decollement to decollement, which is
one step to the clarification of the earthquake mechanism.

Chapter 7 Evaluation of anti-seismic performance of Kanie Parking Lot based on
liquefaction analysis: Analysis was carried out by 2D soil-water coupled finite element
method in two cases, which are the long-pile type foundation and short-pile type
foundation changed to evaluate the seismic stability of the structure and foundation.

Chapter 8 Conclusions and Remarks: The important results obtained from this research

are summarized including the significant findings and the direction of future study.
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PART I:

MODELING OF WATER-AIR-SOIL THREE-PHASE MATERIAL
AND ITS APPLICATION TO UNSATURATED SLOPE FAILURE



CHAPTER 2 Constitutive model for unsaturated soil

2.1 Introduction

Much research has been done on the mechanical behaviors of unsaturated soils
experimentally, empirically, and theoretically. Some constitutive models for unsaturated
soils have been developed since the work by Alonso et al. (1990), in which Barcelona
Basic Model (BBM) was proposed using LC conception and normally regarded as one
of the basic model for unsaturated soils. The constitutive models based on the
framework of BBM, can be found in the works such as Kohgo et al. (1993a and 1993b),
Cui and Delage (1996) and Sun et al. (2000), etc. In these models, stress-suction-strain
relations of unsaturated soil were considered explicitly while the degree of saturation
was not considered directly. On the other hand,” constitutive models considering the
influence of the degree of saturation were also proposed in the same period, which can
be found in the literatures such as Kato et al. (1996), Karube et al. (1997), Gallipoli et al.
(2003), Sheng et al. (2004), Muraleetharan and Liu (2005), Sun et al. (2007a) and Sheng
et al. (2008).

Most of the models in literatures usually use stress and suction as independent state
variables. In the work by Ohno et al. (2007), however, a very interesting assumption
based on various experimental results was proposed that void ratio-logarithmic effective
stress relation e-Inp is dependent on the degree of saturation and the dependency is
modeled with a simple relation. In the model proposed by Ohno et al. (2007), therefore,
only the effective stress that was defined by a combination of net stress, suction and
‘effective degree of saturation’, was used as state variable, based on which a Cam-clay
type model for unsaturated soil was proposed. The advantage of using effective stress or
skeleton stress instead of using net stress and suction as independent state variable in
modeling unsaturated soils is that it is much easier and smoother to describe the
behaviors of soil from unsaturated state to saturated state and vice verse if the moisture
characteristics of the soil is properly described and incorporated into the constitutive
model. Based on this type of model, it is possible to conduct a numerical analysis
related to boundary value problems of saturated and unsaturated grounds in a unique
way.

In this chapter, based on the experimental results, a constitutive model using the

skeleton stress and degree of saturation as independent state variables is proposed by



Zhang (2011) for unsaturated soil, in which the influence of the degree of saturation can
be properly described. Meanwhile, other mechanical features such as over-consolidation,
soil structure formed in sedimentary process of the soil, and stress-induced anisotropy
that are often discussed for saturated soil and can be suitably described with unique
framework (Zhang et al., 2007), can also be easily considered in the same way for
saturated and unsaturated states. In the proposed model, a very simple moisture
characteristics curve considering moisture hysteresis of unsaturated soil is also proposed
from the hint of the work by Muraleetharan and Liu (2005). The moisture characteristics
curve can not only be applied to secondary drying process but also primary drying
process originated from slurry soil.

2.2 Definition of effective stress

First, effective stress is defined by the concept of skeleton stress as shown in

following relation,
0',;. =0, -U§, 6))
U=Su,+(1-S,)u, 2)

where Uis mean pore pressure, o is skeleton stress tensor, S, is degree of saturation,

0',;. is total stress tensor and u, is air pressure. Equation (1) means that the skeleton stress

tensor is the difference of total stress tensor with mean pore pressure. Equation (1) can

also be rewritten as

" t n
o, =0, -u,0,+S,(u,—u,)s, =0, +85,s5, 3)
where o) =0, -u,0;, S=u,~u, (C))

o, is net stress tensor and s is suction. Equation (4) is just the definition of the

effective stress defined by Bishop if taking the value y in Bishop’s definition as S,. The
physical explanation for Equations (1) and (4), however, is different. For simplicity,

throughout the context, the skeleton stress tensor 0';. will be abbreviated as o,

without specification in the following context.



2.3 Derivation of constitutive model

A quantitative relation for void ratio-logarithmic mean skeleton stress e-lnp relation is
established using the degree of saturation as a state variable. Here, it is assumed that
normally consolidated line in unsaturated state (N.C.L.S.) is parallel to the normally
consolidated line in saturated state (N.C.L.) but in a higher position ‘than N.C.L., as
shown in Figure 1, which means that under the same mean skeleton stress, unsaturated

soil can keep higher void ratio than those of saturated soil.

NS;)
N
€y

11S))
r

ENje

Void ratio e

Mean skeleton stress p

Figure 1 Illustration of e-Inp relation considering moving up of N.C.L. and C.S.L. due to

instauration

The N.C.L.S. and C.S.L.S. are given in the following relations as,

NCLS.: e=N(@S,)-AnLZ n=2L=0) (5)
P, p

\ o P . _4_

CSLS.: e=I'(S)-ilmnE (=2L=Mm) (6)
P, p

Where, N(S.) and 7°(S,) are the void ratios at N.C.L.S. and C.S.L.S. under a

reference mean skeleton stress p, (Usually p, =98kPa) and certain degree of saturation.

p=o0,/3 and q=\/3(ag— pé, o, — pd,)/2 are the mean skeleton stress and the

second invariant of deviatory skeleton stress tensor. M is the stress ratio at critical state
and has the same value for saturated and unsaturated states. Therefore, similar to the
derivation of Cam-clay model for saturated soils, the void ratio e subjected to shearing

is assumed to be,

10



e=x(n,5)-AlnL )

r

where y(n,s.) is a function of shear stress ratio 77 and the degree of saturation S, and

can be expressed with simple functions as,

(i) For Cam-clay type (Roscoe et al., 1963):

NGS)-IS), P ®
p,

(ii) For Modified Cam-clay type (Schofield and Wroth, 1968):

N(S)-1(S) M+

2
— Mz” —llnf— )

e=N(S,)-

e=N(S,)-

Under an saturated isotropic normally consolidated state, that is, s=0, p= py, 7=0, S,

=1, N =N(S, =1), e takes a value of ¢; and can be expressed as,

¢, =N—-Aln2e (10)
p,

From Equations (9) and (10)

—-Ae=e,—e=N-N(S,)+

2 2
NS ) IS) M A0 a1 P 11
In2 M Po
where A is compression index. Similar to the original Cam-Clay model, elastic change
of void ratio of unsaturated soil can be calculated with swelling index « as
14

-Ae’ = kln— (12)
b,

From equations (11) and (12), it is clear that unlike most constitutive models for
unsaturated soils, both the compression index and swelling index are independet from

suction or degree of saturation. Elastic volumetric strain can then be calculated as,

e
g,= 4 - K P (13)
1+e, 1+e, P,

By differentiating Equation (13), the following relation can be derived,

ag,= < (14)
l+eg p

Plastic part of the change of void ratio can be given as
_ 2, .2
NS~ LS, M40 4 gy L (15)
In2 M Py

Therefore volumetric strain can also be divided into elastic and plastic parts and the

—Ae? = N-N(S,)+

plastic part can be expressed as,

11



P _ _ 2 2 _
p_ A _N-NE) NS)=LE) M n’ (=m0 P )
1+e, 1+e, (1+¢ey)In2 M l+e, p,
Equation (16) is only suitable for normally consolidated soil. For over consolidated
soil, concept of sub loading surface proposed by Hashiguchi and Ueno (1977) can easily

&g

be applied to unsaturated soil as

P _ _ 2 *2 _ *
-de’ N N(S,)+N(S,) F(S’)lnM +277 +(/1 zc)ln_p_ (17)
l+e, 1+e, (1+e,)In2 M l+e, p,

where (p", ") represents a normally consolidated stress state through which a normal

P _
&, =

yielding surface passes, as shown in Figure 2.

prd

(p* ,» q%) ',."' Normal yielding surface

.

. 'Subloading yielding surface

Ddeviatory stress g

Po Vi WNie p
Mean skeleton stress p

Figure 2 Extension of sub loading concept to unsaturated soil in skeleton stress space

According to the similarity between the normal yielding surface and sub-loading

yielding surface, the following relations can easily be obtained.

* *

p=y =L=4, L (18)
p P P Pm
P _PP _PPu (19)

Py Po P Po Pm
Substituting Equations (18) and (19) into Equation (17), following relation is obtained,

N-NGS,)  NS)-I(S), M +7"  (G=K), P P,

el =

v l1+e, (1+¢,)In2 M’ l+e,  p, P
_ _ 2“ 2 i

_N-NGES) NESH-I'(S), M 7 comE L (20)
1+e, (1+¢,)In2 M " p, l+e

where,
C = A-x _ 1 P 21
7 l+e, pe= (A1) n? e

12



p. represents a void ratio difference between normally consolidated state and
over-consolidated state under the same mean skeleton stress. As shown in Figure 6, it
is known that N.C.L.S. moves upward in parallel from N.C.L. when the degree of
saturation decreases. Therefore, a new state variable p; which represents a void ratio
difference between N.C.L. and N.C.L.S. under the same mean skeleton stress, is
expressed as,

p,=N(S,)-N (22)

Equation (20) then can be rewritten as,

2 2
e =C 2 NOI=T(S) M P P 23)
P p,  (+e¢)In2 M l+e, l+e,
Therefore, yielding function can be written as,
_ 2, 2
f=11’1——p—+N(Sr) F(Sr)lnM +277 _ ps L pe —1—-—6“{)L=0 (24)
p, C,(1+¢)In2 M l+e, C, 1+¢,C, C,

By the definition of the critical state and some algebraic calculations, it is easy to obtain

a useful relation as,

de? = Agi =0 = N(S,)-I(S,)=(A-x)n2 (25)
2

Substituting Equations (21) and (25) into Equation (24), the following relation is

obtained,
2 2
T A N s M Lie 1 1
Do M l+e, C, 1+¢, C, C,
= G+M_L_gfi_:0 (26)
l+e, C, C,
where
2 2
fo=nZ M Q7)
Dy
From consistency equation df=0, it is known that
1
g =2 do, -2y 1, aLey L _ger L _g (28)
oo, l+e,” C, l+e,” C, C,

In Equation(28), it is necessary to give evolution equations for the development of the
state variables p, of overconsolidation and p; of saturation, and the flow rule for plastic

strain tensor in the following ways:

13



@) Associate flow rule:  dg/ =A o 29)

60',].
Vi
(ii) d(__pe_):—A_p._’ p=ap,+bp, (30)
1+e, )4
N(S,)=N+ N’_N(S: -8);, N,=N(S))
S:—S’
i N,—-N
(i) o =NES)-N=0-S) 0=g—g 31
dps Z—QdSr
|

Where, S’ and S¢ are the degrees of saturation under residual and saturated condition.

Equation(31) means N(S,) changes linearly with the degree of saturation. Parameters

a, b and S control the development of the state variables p.. N; is the void ratios at
N.C.L.S. under the reference mean skeleton stress p, when the degrees of saturation is in
residual state, thatis, ~§ =N(S")

Volumetric strain increment can be divided into elastic and plastic parts as,

de; =de; +dg] (32)

Using Hooke’s theory with stiffness tensor £, , incremental stress tensor can be

expressed as,

9
do, = E,,(ds, —del) = E,ds, —Ey.k,Aa—g_f— (33)
Kl

Substituting this equation into Equation(28), the following relation can be obtained,

B
LR N V.8 R R WL W e
4 oo, ooy, p C, 1+e0 "C, C, 0o,,
which resulting in,
A g dey+——Las,
do, C l+e,
A= 7 (35)
C  dc, " ooy,
B
where, h =-2 P~ (36)
P
O-mm p

Therefore it is easy to define the loading criteria as,
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A >0 loading
A =0 neutral 37
A <0 wunloading

Substituting Equation(35) into Equation(29),

I g a1 as
oo,, Cp 1+e, of (38)

del =
¢ h,, of of Oo..
-t E 'mnkl Y
Cp Jo,, ooy,
Meanwhile,

do, =k, (ds, —dg})

[/

o oL, 1 01y o

=E, de,-E E 2 < —do —— )
e 86 00, D C, 1+e, D" o,
0
= By~ Efy)de, ~ AB -2 (39)
Cu
where,
h
4=t Q gl p ¥ p I (40)
C l+e, ¢ Oo,, 0oy,
d o
) ijqr ' mnkl ao.mn ao_qr
E, = D (41)

2.4 Definition of the moisture characteristic curve

In order to properly consider the influence of the degree of saturation on
stress-strain-dilatancy relationships of unsaturated soils, it is necessary to give a precise
description of the moisture characteristics, taking into consideration the moisture
hysteresis. Therefore, a suitable moisture characteristics curve for suction-saturation
relation should include skeleton curves and scanning curves so that at any moisture state

(S,, 5), it is possible to obtain an incremental relation between suction and the degree of

saturation as,

ds, = k”'ds 42)
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where, k, is the tangential stiffness of suction-saturation relation.

The skeleton curves for the moisture characteristics with tangential and
arc-tangential functions are given in three different ways according to the state of the
moisture as,

(i) Primary drying curve from slurry:

S =8 —E(S:0 —S")tan™' (e —1)/e%*) (43)
, 7
or s=in| 145 tan(Z s "S’) (44)
¢ 28°-8
(ii) Secondary drying curve experienced drying-wetting process:
S =8 - 2 (S: —S7)tan ™' (€% —1)/e®) (45)
7
or s= lln 1+e% tan(zt— S’s — S’r ) (46)
c 28 -5,

(iii) Wetting curve:

5, =88~ 2(S: -8y tan” (€ ~D) /) (7)
4
or 5= —l—ln 1+e™™ tzm(Z —SL——S’—) (48)
c, 28-S/

where, S; is a parameter corresponding to drying AEV and S, is a parameter

corresponding to WEV, as shown in Figure 3. ¢ and c, are scaling factors that

controlling the shape of the curves. S; %js the degree of saturation of a slurry under fully

saturated condition and is equal to 1.0.
As to the scanning curve in the process of drying-wetting process between the

skeleton curves, the incremental relation between suction and saturation is expressed as,

N

k'=k, +k; (49)

k., is the gradient of suction-saturation relation under the conditionrthat inner variable

requals to 0. k, isexpressed as:
Ky = k(e =) (50)
r

where, c; is a scaling factor which controlling the curvature of the scanning curve. k;
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is the gradient of the corresponding skeleton curve on which the moisture state (S,, s) is
locating under the condition that r equals to 1, as shown in Figure 3. According the

illustration in Figure 8, the inner variable 7 is defined as,

0,/6 ds>0 51
r =
5/8 ds<0 1)

Equation (49) means that the stiffness of £, consists of two parts, k,andk, ina

way that its value looks like the value of a spring consisted from two series springs. It is
easily understood from Equations (49) and (50) that if r=0, &, will be infinite

andk, =k . While if » =1 andk, =k;,, k, will equal tok’, which coincides with the

gradient of the skeleton curve. This explanation can also be easily understood by means
of the illustration shown in Figure 3.

Eight parameters are involved in the proposed moisture characteristic curve, among
which three parameters c;, ¢; and c3 are determined with curve fitting method while

other five parameters, k,, S, S/, S;and S, have definite physical meaning and can

ro

be determined by the test of moisture characteristics easily.

Figure 4 shows a theoretical prediction of moisture characteristics curve of a
fictional unsaturated silt. It is very clear that all main features of the moisture
characteristics can be properly described. The values of the parameters are listed in
Table 1.

Table 1 Parameters of moisture characteristics curve of unsaturated fictional silt

Saturated degrees of saturation S, 0.82
Residual degrees of saturation S, 0.64
Parameter corresponding to drying AEV (kPa) Sy 550
Parameter corresponding to wetting WEV (kPa) S, 320

Initial stiffness of scanning curve (kPa) /g; 200000
Parameter of shape function ¢, 0.0080
Parameter of shape function c; 0.013
Parameter of shape function c; 10.0

In the area between the primary drying curve and the secondary drying curve, the
upper bound for the scanning curve is changed from the secondary drying curve to the
primary drying curve; and the lower bound for the scanning curve is changed from the

wetting curve to a combined curve made from the wetting curve in the region S, <S;
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and the line s = 0 in the region S, > S . The scanning rule, however, is totally the same
as those for the secondary drying-wetting process discussed in Equations 49-51. It
should be emphasized that the moisture characteristic curve is possible to describe the

hysteresis relation for both saturated and unsaturated states smoothly with relative small

number of parameters.

Secondary drying curve

Suction s

Scanning curve

Wetting curve

S7 S;

Degree of saturation S,

Figure 3 Image of moisture characteristic curve of unsaturated soil

Secondary drying curve Primary drying curve
Wetting curve —e Scanning curve
1200 |
1000
800

600

.

200 Starting point (0.715, 450)

Suction (kPa)

%0 6 70 75 8 8 90 95 100

Degree of saturation (%)

-

Figure 4 Simulated moisture characteristics curve of unsaturated fictional silt
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2.5 Performance of the proposed model

Nine parameters are involved in the proposed model, among which five parameters,
M, N, A, x, and v are the same as the ones in Cam-clay model. The other three
parameters g, b and S, the parameters that control the losing rate of over consolidation
contributed both from the state parameters p, and p; when the soil subjected to shearing
or compression, have clear physical meanings and can be easily determined based on
conventional triaxial compression tests under drained and exhausted conditions. The
ninth parameter, N,, the void ratio at N.C.L.S. under p=p, and residual unsaturated
state N, = N(S!), is just a physical state like N.

In order to check the performance of the proposed model, fictional silt with a
moisture characteristics curve shown in Figure 4, whose parameters are listed in Table 1,
is simulated under different loading conditions in isotropic consolidation tests and

triaxial compression tests.

2.5.1 Simulation of isotropic consolidation test

Figure 5 shows the simulated volumetric change of the normally consolidated silt
subjected to different suctions in isotropic consolidation test. The loading path includes
three steps as listed below:

Step I:  Applying suction to the silt initially under saturated condition
Step II: Keeping the suction in a constant value and applying net mean stress from 0 to
10,000kPa
Step III: Reducing the suction to zero (submergence)
The material parameters used in the model are listed in Table 2. The correctness of
the simulation is evident because so many test results have been reported in the

literature. The volumetric contraction due to submergence in the Step III, however, is
not completely equal to the difference between g, —Inp,, curves with suction and

without suction. In the figure, mean net stress is expressed as p,, = o7/ /3.

Figure 6 shows more detailed performance of volumetric contraction due to
submergence at different values of net stress in the isotropic consolidation test with a
constant suction of 1500 kPa. It can be seen that a residual difference between
&,—Inp,, curves with suction and without suction after the suction is completed
released, is negligible at relative low net stress but will increase to some extent. The
reason why this phenomenon occurs is that the development of state values p, of over
consolidation and p; of saturation are independent. Therefore, p; will be zero at the end
of submergence (s=0) but p, is not necessary to be zero. After the submergence
completed (s=0), if a loading such as shearing continues, then according to the
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definition of p,, the soil will reach C.S.L., where p. will definitely become zero. The
correctness of this independence is still need to be verified by test results. At present
stage, it just predicts the possibility of the existence of the residual difference.

Table 2 Material parameters of fictional silt in odometer tests

Compression index 4 0.050
Swelling index « 0.010
Critical state parameter M 1.0
Void ratio N (p'=98 kPaon N.C.L.) 1:14
Poisson’s ratio v 0.30
Parameter of overconsolidation a 5.00
Parameter of suction b 5.50
Parameter of overconsolidation B 1.0
Void ratio N, (p’=98 kPaon N.C.L.S.) 1.28
g H
12
.
s=1500 kPa
~ 15
e
>
w
18
21 o =0 kPa - s=600 kPa 91 ——s=0 kPa {+p,,,~2500 kPa \
-0 5=200 kPa —&— =800 kPa O-p, =600 kPa —#—p,_=5000 kPa
—®—-5=400 kPa —©—s=1500 kPa -#-p =1000 kPa ~<-p ,=10000 kPa
24 ne ne
10 102 10° 10* 24 ' x b
b (Pa) 10 10 - w3 10
Figure 5 Simulated relations between void Figure 6 Simulated processes of
ratio and net stress in isotropic compression volumetric contraction due to
under different constant suctions. submergence of unsaturated soil

2.5.2  Simulation of triaxial compression tests under different suction
and confining stress

Figure 7 shows the skeleton stress, strain and dilatancy relations of triaxial
compression test on unsaturated silt under drained and exhausted condition under
different confining stresses and suctions (Cui and Delage, 1996). Because the silt
samples were statically compacted under certain vertical stress, it would be in slightly
over-consolidated state if the confining stress is relatively low, e.g., 03=50 kPa. The
results are simulated with the proposed model. Because there is no detailed data related
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to moisture characteristics curve, the moisture characteristics curve of the fictional
unsaturated silt shown in Figure 4 is assumed for the silt. Therefore, the following
predictions by the model do not aim to describe precisely the test results but an overall
behavior of the unsaturated silt qualitatively.

The material parameters of the fictional silt in triaxial tests are listed in Table 3. In
simulating the triaxial compression tests, suction loading before shearing is calculated at
first so that all the samples simulated are started from the same initial conditions except
the state variable of overconsolidation which is dependent on veridical stress once
applied in the static compaction of the samples. The initial values of state variables are
listed in Table 4.

Table 3 Material parameters of fictional silt in triaxial tests

Compression index A4 0.050
Swelling index « 0.010
Critical state parameter M 1.0
Void ratio N (p’=98 kPaon N.C.L.) 1.14
Poisson’s ratio v 0.30
Parameter of overconsolidation a 5.0
Parameter of suction b 0.50
Parameter of overconsolidation S 1.0
Void ratio N, (p’=98 kPaon N.C.L.S.) 1.28

Table 4 Initial value of state variables in triaxial tests

State variable of saturation 0.00
. o3= 50 kPa 0.01
State variable of 6,=100 kPa 0.00

overconsolidation o, 6.=400 kPa 0.00
3 .

Figures 8~10 show the simulated skeleton stress, strain and dilatancy relations and
skeleton stress paths in triaxial compression tests on unsaturated silts under drained and
exhausted condition with different confining stresses. During shearing, the confining
stress and the suction are kept constant. The volumetric strains shown in the figures are
countered from the point on which the shearing is started.

In the case of 03=50 kPa, due to the slightly over consolidated condition, a typical
strain hardening and strain softening accompanied by positive dilatancy can be seen in
the simulated results, especially in the case of high suction. The simulated results agrees
qualitatively well with the test results shown in Figure 7, though the fictional silt is not

the same materials as the real silt.
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Figure 7 Skeleton stress, strain and dilatancy relations at different confining stresses and
suctions (Cui and Delage, 1996)
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Figure 9 Simulated stress, strain and dilatancy relations and skeleton stress paths
(03=100 kPa)
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Figure 10 Simulated stress, strain and dilatancy relations and skeleton stress paths
(03=400 kPa)

2.5.3 Simulation of collapse by submergence in triaxial compression tests

Another important phenomenon of unsaturated soil during shearing is so called
collapse by submergence. In this section, collapse by submergence happened in three
different shearing stages listed below is simulated:

(1) Submergence at post-peak shearing
(ii) Submergence on peak stage
(iii) Submergence at pre-peak shearing stage

Furthermore, in order to investigate the influence of submergence rate on the collapse
behavior during shearing, two different submergence rates are considered in the
simulation. One is gradual submergence, which is carried out with a gradual reduction
of suction accompanied by simultaneous shearing till the end of the shearing test. This
load process is called as loading path 1. Another is abrupt submergence, in which
submergence is carried out instantly at first with a prescribed suction reduction under
the condition that the vertical strain is kept constant and then the strain-controlled
shearing continues under the condition that the reduced suction is kept constant. This
loading process is called as loading path 2. Loading path 3 is just a normal triaxial
compression test without submergence.

Figure 11 shows the simulated results of above loading paths in the case of 03=50

24



kPa, s=800 kPa. The extent of the suction reduction in above submergence processes is
50% of the original suction. It is known from the figure that no matter what kind of
shearing stage at which submergence is carried out, collapse will definitely occur due to
the loss of suction. Meanwhile, submergence always causes extra positive dilatancy no
matter what kind of submergence it may be. Abrupt submergence always causes an
immediate reduction of strength which is usually called as collapse and extra positive
dilatancy. The submergence rate affects the stress-strain-dilatancy relation a lot but at
the end of the shearing, they will merge to the same destination, the point at C.S.L.S. or
C.S.L., depending on the value of the suction.

—®— 0 -0, loading path 1 —O— & (%), loading path 1 ~® 0 -0 loadingpath 1 —O— & (%), loading path 1
W0 -0 loadingpath2 {1~ & (X), loading path 2 ~®- 0 -0, loading path 2 {1~ € (%), loading path 2
—4-0 -0, loading path3 —o—¢ v(%), loading path 3 ¢ 0 -0, loading path3 —O— ¢ V('56). loading path 3
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Figure 11 Influence of submergence on stress, strain and dilatancy relation (63=50 kPa,
s=800 kPa)

Figure 12 shows the skeleton stress paths in the process of the collapse by
submergence under different loading paths. In the submergence process at pre-peak
shearing stage, if it is carried out abruptly, then stress path will approach the residual
line in the region below the line. Otherwise, stress state will always overpass the line

and finally reaches the critical state.
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Figure 12 Influence of submergence on skeleton stress path
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2.5.4 Verification of the model by drained and exhausted triaxial
compression tests for a rockfill with submergence process

Kohgo et al (2007b) conducted a systematic laboratory test on rock fill materials
with drained and exhausted triaxial compression tests including submergence process to
investigate the influence of the degree of saturation on mechanical behavior of the rock
fill. Detailed description about the tests can be found in the reference. The size of the
test specimen is 30 cm in diameter and 60 cm in height. Figure 13 shows the test and
simulated moisture characteristics curve of the unsaturated rock fill. The parameters
involved in the moisture characteristics curve are listed in Table 5.

In the drained and exhausted triaxial compression tests under constant confining
pressure, three kinds of tests were conducted for the rock fill, that is, tests for saturated
specimen, tests for unsaturated specimen with constant suction and tests for unsaturated
specimen with submergence process. Table 5 listed the material parameters involved in
the proposed model, among which, apart from the parameters a, b and f, other
parameters are determined based on the laboratory tests. Figure 14 shows the
comparison between the test and simulated results of the drained and exhausted triaxial
compression tests for the rock fill. The accuracy of the model is quite good comparing
with its parameters used.

Table 5 Parameters of moisture characteristic curve of unsaturated rock fill

Saturated degrees of saturation S} 0.85
Residual degrees of saturation S, 0.20
Parameter corresponding to drying AEV (kPa) S, 2.0

Parameter corresponding to wetting WEV (kPa) S,  0.07

Initial stiffness of scanning curve (kPa) kfn 700
Parameter of shape function ¢, 0.05
Parameter of shape function ¢, 0.05
Parameter of shape function c; 10.0

Table 6 Material parameters of rock fill

Compression index 4 0.14
Swelling index & 0.0010
Critical state parameter M 1.7
Void ratio N (p’=98 kPaon N.C.L.) 0.61
Poisson’s ratio v 0.30
Parameter of overconsolidation a 5.0
Parameter of suction & 0.50
Parameter of overconsolidation S 3.0

Void ratio N, (p’=98 kPa on N.C.L.S.) 0.80
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Figure 13 Test and simulated moisture characteristic curve of unsaturated rock fill (test
data from the work by Kohgo et al, 2007b)
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Figure 14 Verification of the model by drained and exhausted triaxial compression tests
for a rock fill with submergence process (test data from the work by Kohgo et al,
2007b)

From above discussion, it is concluded that collapse by submergence can be properly
described by the proposed model.

2.6 Summary

In this chapter, a new constitutive model for unsaturated soil based on the framework
of skeleton stress and degree of saturation proposed by Zhang (2011) is introduced in
detail. The constitutive model is therefore possible to be able to describe not only the
behaviors of unsaturated soil but also saturated soil because the skeleton stress can
smoothly shift to effective stress if saturation changes from unsaturated condition to
saturated condition. The main features of the proposed model can be given as below:

The proposed model is very simple and is derived from the base of modified
Cam-clay model. It has nine parameters, among which five are the same as those in the
Cam-clay model and are familiar to most geotechnical researchers. The other three
parameters g, b and f3, the parameters that control the losing rate of overconsolidation
affected by the state parameter of overconsolidation p, and saturation p,, have clear
physical meanings and can be easily determined based on conventional triaxial
compression tests under drained and exhausted conditions. The ninth parameter, N,, the
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void ratio at N.C.L.S. under p=p, and residual unsaturated stateny =nN(S’), is just a
physical state like N and can be easily determined with the test of moisture
characteristics.

In order to properly consider the influence of the degree of saturation on
stress-strain-dilatancy relationships of unsaturated soils, a theoretical description of
moisture characteristics, taking into consideration the moisture hysteresis is proposed,
in which the skeleton curves and scanning curves are given in such a way that at any
moisture state (S, s), it is possible to obtain an incremental relation between suction and
the degree of saturation. Eight parameters are involved in the proposed moisture
characteristics curve, among which three parameters c;, ¢; and ¢z are determined with
curve fitting method while other five parameters, k,, S¢, S’,Ssand S, have definite
physical meaning and can be determined by the test of moisture characteristics easily.

The model is proposed based on three assumptions; the first is that normally
consolidated line in unsaturated state (NV.C.L.S.) is parallel to the normally consolidated
line in saturated state (N.C.L.) but in a higher posi{fion than N.C.L., which means that
under the same mean skeleton stress, unsaturated soil can keep higher void ratio than
those of saturated soil. The second is that no matter what kind condition of saturation
may be, compression index A and swelling index x in void ratio-skeleton stress relation
are always kept constant which makes the model very simple and easily understood.
The third is that the shear stress ratio 7 at critical state will be unique no matter what
kind condition of saturation may be. All these assumption can be confirmed with the
tests results available in literatures.

Skeleton stress, strain and dilatancy relations and skeleton stress paths in triaxial
compression tests on unsaturated fictional silt under drained and exhausted condition
with different confining stresses are also simulated. The overall behaviors of
unsaturated soil under normally consolidated and over consolidated states can be
described uniquely within the framework of skeleton stress and saturation. The collapse
of unsaturated soil due to submergences at the stages of pre-peak, on-peak and
post-peak of stress-strain relation is also simulated. It is known from the simulation that
whenever submergence happens, collapse will always occur and causes extra positive
dilatancy. Furthermore, abrupt submergence always causes an immediate collapse and
extra positive dilatancy. The submergence rate affects the stress-strain-dilatancy relation
a lot but at the end of the shearing, they will rﬁerge to the same destination, that is, the

same point at critical state line.
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CHAPTER 3 Finite element method for coupled of soil * water = air
three-phase mixture

3.1 Introduction

The accurate prediction of propagation of the surface infiltration in an unsaturated
soil is practically important to many geotechnical and geoenvironmental problems. In
unsaturated boundary value problems, it is of great significance to provide a
water-air-soil three phase field theory. Oka et al. (1994) proposed a soil-water coupling
two-phase field theory with u-p formulation, in which the displacement of the solid u
and the pore water pressure p are used as unknown Variables. Moreover, in the
discretization of the governing equations in space, both FEM (Finite Element Method)
and FDM (Finite Difference Method) are used. FEM is used for the discretization of the
equation of motion for the mixture, and FDM is used for the discretization of the
continuity equation for the pore fluid (Ye, 2007). Uzuoka et al (2007, 2008 and 2010)
has proposed soil-water-air three-phase field theory, which works effectively for slope
stability problems in unsaturated soils. Such type of soil-water-air three-phase field
theory can also be seen in the work by Li, et al (2004) and Borja R. (2005).

In another hand, many finite element programs are available for analyses of
unsaturated boundary value problems. For example, the software program SEEP/W is a
popular program for such seepage analyses among geotechnical engineers (Fredlund
and Rahardjo, 1993). In this chapter, the soil-water-air coupled three-phase mixture
theory based on the work by Uzuoka et al (2007, 2008 and 2010) is incorporated in the
program named as SOFT. As to the continuity equation, a backward finite difference
scheme (Akai and Tamura, 1978) is adopted for water-air flow. Four-node quadrilateral
element is used in the 2D calculation, and one pore water-pore air pressure is defined at

the center of each element.

3.2 Soil-water-air three —phase field theory and FE-FD algorithm of
field equations

Before the derivation of the three-phase field theory, the following assumptions
should be list out:

(1) Soil grains and water are incompressible.
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(2) The distribution of porosity in space and time is very small comparing to other
variables.

(3) The three-phase field theory is proposed to solve static problem and the
accelerations of the three phases are supposed to be 0.

3.2.1 Basic equation of mixture

The detailed derivation of soil-water two-phase equations can be referred to the work by
Oka et al. (1994). While the soil-water-air three-phase equations can be referred to the
work by Uzuoka et al (2007 and 2008), Uzuoka (2010), Li et al (2004) and Borja R.
(2005). Here these equations are directly written in the following:

Equilibrium equation

60',j

+pb =0
ox,
g (52)
Continuity equation of water
w 2 _w
R 3 S S
}’w 0x,.6x,. K" (53)

Continuity equation of air
a 62 a A
(1-8)6 - S2P 4 n-5)L 5 -n$, =0
}’a axi(?xi Ka (54)
Where %is body force, Siis degree of saturation, K is the volumetric elastic coefficient,
k is permeability, p is fluid pressure, » is porosity, and the superscript of s, w and a in

the above equation denotes the solid, water and air phase respectively.
For simplicity, it is assumed that the air in the soil is always connecting to atmosphere
and its value is given as 0 in this paper, therefore the continuity equation of air can be

satisfied automatically in general.

3.2.2 Discretization of equilibrium equation

By using virtual work theorem, the weak form of the equilibrium equation in an

arbitrary region v can be expressed as following

do,
J [i+pb,}iude=0
Vi ox,
’ (35)

o

Here, %% is the arbitrary virtual displacement.

Based on Gaussian’s theory and boundary condition, Equation(55) can be changed as
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[ 0,05,dv =[ pbouav +| T.6uds

(56)
Where, Tis surface force, %, is the arbitrary virtual strain.
The effective stress for unsaturated soil is expressed as,
o,=0,+S,p"+(1-8,)p" =0, +S,p" (57)

Substituting Equation(57) into Equation(56), the following equation can be obtained

[, (0, +S.p"Ws5dv = [ pbwav +| T.ousds 58)

The incremental form of the above equation in finite element scheme can be written as

follow:
[ Acjdejdv +| AS,p")sesaV

= [, PAbSw AV + [ ATSudS (59)

In the proposed program, Different shape functien for displacement and pore water
pressure in FEM discretization is used. The variables of displacement are given at the
nodes and the variables of pore water pressure are given at the gravitational center.

For one element, Uy is denoted as the displacement vector of all nodes, and P is
denoted as the excessive pore water pressure at gravitational center. The displacement

u

vector of any arbitrary point within this element, "can be expressed by the

displacement vector of nodes “~
u =[Nl (60)
ou’ =[N]5uN (61)

Here, (V] is shape function matrix. The strain vector of any arbitrary poiﬂt within an

element can be written as

g =[L]u =[L][N]{uy}=[B]{uy} (62)

5¢) = 8 = B! {6u,} = {6u,} B, ©3)
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N, 0

ix

Where,[B,-]'—' 0 N, ,[B]=[B,-BB,]
N, N,

On the one hand, the constitutive model used in the program with vector form can be

written as
Ao’ =[D]”[B]{uy}-E**AS, 64)
RES . 5f
Where, E ———[ ] , [D] and [D] are the elastic matrix stiffness and

C,1+e¢, D
elasto-plastic matrix stiffness respectively (Zhang, 2011).
Because the virtual displacement is arbitrary, combining Equation(60),(61),(62),(63)
and (64), Equation(59) with vector form can be expressed
[ [B] [D]” [BJv - Aty ~ [ [B] - E**av -AsS,
+[ BAGS, PV = [ p[N] Abav + [ [N] ATds

(65)
By defining the following equations
- I - T
AF = [ p[N] Abav + [ [N] ATds ©6)
T
[K]-J, 1] [][]av .
T
Ky, =] [B] E™dv 8
K, =| Bdv
to (69)
Equation(65) can be rewritten as
[k, — K, AS, + K,AS, ) = AF 70)
The incremental form of 2(5Pa) s approximated as
AGS,py) =AS, pip + S, Apy
= ASr|z+Arp3;E[t + SrllAp;Elt+At (71)
A‘Sr|t+At = Sr|t+At - Sr|t (72)

On the other hand, in the work by Zhang (2011), a new moisture characteristics curve
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(MCC) is also proposed, where the relationship between the incremental suction and

saturation is expressed as

_ -l
AS, =k, s (73)

-1
Where, k, is the stiffness of saturation-suction relationship.

Substituting Equation(71) and (73) into Equation(70),

[K]Ad, + K.5, A3, +(R, iy~ Reu)- k. -As = AF (70

The discretization of Equation(74) in time can be written as

[K] Af‘N|1+A: + KvSr|1Ap:E|t+At +

(]Evp:E't - ]ZSa: )ks : Asltmz = AFIHAI (75)
Because

ASyp = Siear — S = (——pa‘;,E|t+At )— (—P:Ep)

= p;EV - p:l;‘|r+Ar (76)

Finally substituting Equation(76) into Equation(75), the discretization of equilibrium

equation in space and time can be obtained

[K]Au +F,p”

Nr+ar

alear T AF[HAI + FSarpdEp (77)

Where, Fy, =K,S, ~(K,p%, ~Ke) k'

v rle

3.2.3 Discretization of continuity equation

The discretization of continuity equation can be implemented by the same way and

written as

Y SEE deﬂdV

ka rvN

al
| KW dEdV+j Y ,dv =0

(78)
As to continuity equation, a backward finite .difference scheme (Akai and Tamura,
. azp dg ]’V

1978) is adopted for water flow. So thetermof ~ %% canbe expressed as

6
J', ‘_'iE"dV apy — ZaipZE
=l (79)
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a=Y3na
Where il
neighboring element, b" is drainage area of an arbitrary element in edge i.

By defining the following equations

_s~|m
~a~|w

S" is center-to center distance of an arbitrary element to its i™

14 nS ,w y'nS. = _, . w
: I T — g
J.V kw Kw E kw'Kw pdb pdl: (80)

v kY Y 4 81)

”—SKTuN-apdE+Zap,dE—Ap +k—nS V=0

B (82)
Because
ﬁN|1+At _ AiiN]HAt ’p;,ElHN _ pdwE|1+Ax _p:Elt
At At
$ _ Sr|t+A1 —Srll _ ASr]I+A/
(Y At (83)

And substituting Equation(73),(76) and (83) into Equation(82), the continuity equation

in time can be written as

Aii k" -At k‘” v
S, Kl Adiy,., ~| o+ (4 +-Z——nV -k )J
6 kw kw yw S
'pw1+t D s :—_w(A+_an'ks )-p”
|e+a 12:1: }/ | A y k 14
(84)
By defining the following equations
_ k" At
a - a
Y (85)
Z = —W . A
Y (86)
F, =V (87)
_ _k"At
o =—0Q;
Y (88)
Finally, the continuity equation discretized in space and time can be obtained.
6
S Ky "By [a +A+F, ]'pwlfw —Z}:(Z.p;”llw
= —(Z + F;,) pw|r (89)
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Combining Equation(77) and Equation(89), the FEM-FDM equation used in the
program for static analysis can be obtained

" . 0
[K] F:Sial AuN|l+Ar il
S K —~@+A+F) || Pl | | 2 Pitsien
i=l

i {“FI LR, 'pj""}

~(A+F,)-p..
( sr) pd}_;lr (90)

3.3 Verification of the program by one element analysis

Before simulating the model test of unsaturated slope failure by the proposed
program, a simulation of one element is firstly carried out with two different loading
conditions to verify the availability of the proposed program. The boundary conditions
and loading conditions are shown in Figure 1. In Case 1, the element was firstly loaded
to 0.4MPa under constant suction (0.784MPa) and then water injection (suction force
decreased from -0.784MPa to -0.392MPa) was carried out under the condition that the
vertical total stress was kept constant (0.4MPa). In Case 2, a given displacement of
0.005m along vertical direction was firstly loaded under constant suction (0.784MPa)
and then water injection (suction force decreased from 0.784MPa to 0.392MPa) was
carried out under the condition that the displacement loading is continued up to 0.01m.

The moisture characteristics curve (MCC) is shown in Figure 2. Tables 1 and 2 show
the parameters involved in the constitutive model and the corresponding MCC (Zhang,
2011). Figure 3 shows the mechanical behaviors of unsaturated soil under
aforementioned two loading condition. From the results, it is known that the collapse
behavior of unsaturated soil observed in the elementary test due to water injection (the

decrease of suction) can be reproduced during the shear process, no matter what kind of

\ y

P

loading condition it may be.

Undrained boundary

w o

Drained boundary

)

' e

Figure 1 Boundary conditions of element simulation
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Figure 2 Simulated MCC for silt clay

Table 1 Material parameters of unsaturated silt clay

Compression index A4 0.050
Swelling index « 0.010
Critical state parameter M 1.0

Void ratio N (p’=98 kPaon N.C.L.) 1.14
Poisson’s ratio v 0.30
Parameter of overconsolidation a 5.00
Parameter of suction & 5.50
Parameter of overconsolidation f# 1.0

Void ratio N; (p’=98 kPa on N.C.L.S.) 1.38

Table 2 Parameters involved in MCC

Saturated degrees of saturation S’ 1.00
Residual degrees of saturation S” 0.65
Parameter corresponding to drying AEV (kPa) Sy 550
Parameter corresponding to wetting AEV (kPa) S, 320
Initial stiffness of scanning curve (kPa) k;, 200000
Parameter of shape function ¢, 0.008
Parameter of shape function c; 0.013
Parameter of shape function c; 10.0
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Figure 3 Mechanical behavior of unsaturated soil under two different loading conditions
(o3=50kPa)

3.4 Summery

In this chapter, the governing equations of Uzuoka's three-phase field theory was .
re-derived. The displacement of solid # and pore water pressure p" are taken as the basic
variables in the governing equations, in which both FEM and FDM are used to
discretize the equations in space. Moreover, Newmark-£ method is employed to
discretize the field equations in time. At last the proposed numerical method was ..

verified by the simulation of an element subjected to different loading and water
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infiltration.

References

Borja, R.I. Conservation laws for three-phase partially saturated granular media (2003),
Proceedings of the International Conference, from Experimental Evidence towards
Numerical Modelling of Unsaturated Soils, Weimar, Germany, 18-19 September.

Borja R. (2005): Conservation laws for three-phase partially saturated granular media,
Unsaturated soils: numerical and theoretical approaches, Vol. 94, 3-14.

Fredlund, D.G. and Rahardjo, H. (1993): Soil mechanics for unsaturated soils, John
Wilely & Sons Ltd., New York.

Fredlund, D.G. (2006): Unsaturated soil mechanics in engineer practice, ASCE, Journal
of Geotechnical and Geoenvironmental Engineering, 286-321.

Kato, R., Oka, F., Kimato, S., Kodaka, T. and Sunami, S. (2009) : A method of
seepage-deformation coupled analysis of unsaturated ground and its application to
river embankment, J-STAGE C, Vol.65, No.1, 226-240.

Li, C., Borja, R.I. and Regueiro, R.A. (2004): Dynamics of porous media at finite strain,
Computer Methods in Applied Mechanics and Engineering, 193, 3837-3870.

Oka F, Yashima A, Shimata T et al. (1994): FEM-FDM coupled liquefaction analysis of
a porous soils using an elasto-plastic model, Applied Scientific Research, Vol. 52,
209-245.

Uzuoka et al. (2007): Finite element analysis for dynamic finite deformation in
unsaturated soil, Proceedings of the conference on computational engineering and
science,Vol.12, No.2, 523-526 (In Japanese)

Uzuoka et al. (2008): Finite element analysis of coupled of unsaturated soil and water
using aerial elements, Proceedings of the conference on computational engineering
and science, Vol.13, No.1, 219-222 (In Japanese)

Uzuoka et al. (2009): Soil-water-air coupled dynamic analysis of unsaturated fill,
Proceedings of the conference on computational engineering and science, Vol.14,
No.1, 461-464 (In Japanese)

Uzuoka, R. (2010: effective stress analysis (limited displacement analysis) seminar
document (private material).

Tan, T.S., Phoon, K.K. and Chong, P.C. (2004): Numerical study of finite element
method based solutions for propagation of wetting fronts in unsaturated soil,
Journal of Geotechnical and Geoenvironmental Engineering, Vol.130, No.3,
254-263.

43



Zhang. F. and Ikariya. T. (2011): A new model for unsaturated soil using skeleton and
degree of saturation as state variables, Soil and Foundations, Vol. 51, No. 1, 67-81.

Zienkiewicz, O.C., Chan, A.H.C., Pastor, M., Schre er, B.A. and Shiomi, T. (1999):
Computational Geomechanics with Special Reference to Earthquake Engineering,
John Wiley & Sons Ltd., New York.

44



CHAPTER 4 Numerical simulations of unsaturated Shirasu slope
failure and comparison with soil tank model test results

4.1 Introduction

Shirasu is a kind of non-cemented pyroclastic flow deposits from active volcanoes in
Kagoshima prefecture which located in the southern part of Kyushu Island, Japan. As
the Shirasu particle is porous with a smaller density than common sandy soils, the slope
failure easily occurs on Shirasu slopes under heavy rainfall. As it is known that the
slope failure due to rainfall is mainly caused by the increase in weight of soil mass and
the decrease in suction of unsaturated soil, field measurements, model tests and
numerical simulations have been carried out by many researchers (Delage, 2002; Orense
et al. 2004; Sako et al., 2006; Kitamura et al., 2007; Kohgo et al., 2011) to investigate
the mechanism of the slope failure due to rainfall.

In the work by Kitamura et al. (2007), several patterns of the model tests were
conducted on different conditions such as position of water injection, rain intensity,
inclined degree of slope, etc. In this chapter, numerical simulations of the model slope
failure using FE-FD program SOFT based on the proposed constitutive model in the
chapter 2 and three-phase field theory in chapter 3 are carried out in the same conditions
as the model test. By the comparison between the results of test and simulation, the
availability of the proposed numerical method for Boundary Value Problem of

unsaturated soil can be confirmed.

4.2 Model test condition and material parameters

4.2.1 Equipment and measuring devices

Shirasu soil is used as the material for the model slope in the test. Photo 1 shows the
overall view of model test condition that is composed of the completed model slope and
measuring devices. Figure 1 shows arrangement of pore water sensors at the bottom of
the model slope to measure pore water pressure. Figure 2 shows arrangement of
tensiometers in the model slope to measure negative pore water pressure (suction) and
water injection position. The tensiometers with a diameter of 18mm were set at the
depth of 10cm, 20cm, 30cm, 40cm and 50cm respectively in the slope and water can be
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injected in to the slope from top, bottom and back side as shown in Figure 2.

Photo 1 The whole view of test condition
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Figure 2 Arrangement of tensiometers and water injection position-

4.2.2 Soil parameter and test conditions

The grain size distribution of Shirasu soil is shown in Figure 3. Fhe soil particle
density of Shirasu is 2.4g/cm’, which is smaller than normal sandy soil. Figure 4 shows
the relationship between unsaturated permeability coefficient and degree of saturation

obtained from the standard constant head permeability test on Shirasu in the work by

Sako et al. (2006). The physical properties of Shirasu are shown in Table 1. It is noted in
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Table 1 that the degree of saturation of the specimens in the permeability test is less than
100% although the permeability coefficient obtained from the standard constant head
permeability test is commonly called the saturated permeability coefficient. The
moisture characteristics curve (MCC) obtained from the pressure plate method and
calculation is shown in Figure 5. The simulated MCC calculated by the proposed MCC
model, agrees well with the moisture characteristic observed in the tests. The parameters
involved in the MCC model are shown in Table 2.

As the model slope in photo 1 was made by compacting soil layer by layer with a
depth of 5cm. So the total density in Table 1 is obtained by controlling the compaction
numbers. The slope angle is 45° with a height of 80cm. In the numerical analysis, two
cases of the test, that are water injection from bottom at a range of 40cm and water
injection from back at a range of 25cm with a fixed head of 25cm respectively, are
simulated. Detailed information about model slope and drainage boundary condition in
each case is shown in Table 3.
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Figure 3 Grain size distribution of  Figure 4 Relationship between permeability
Shiarasu and degree of saturation (Sako et al., 2006)

Table 1 Physical and mechanical properties of Shirasu used in simulation

casel Case2
Density of soil particle (g/cm’) | 2.45 2.40
Water content in nature (%) 25.60 23.30
Void ratio 1.57 1.47
Total density of soil (g/cm’) 1.20 1.20
Permeability of soil (cm/sec) 5.75*10” 1.87*10°
(Sr=86.7%) | (Sr=89.1%)

47



Suction (kPa)

L
(=]

(]
(¥

(=]
<

primary drying curve
% welling curve
= secondary drying curve
scanming welling curve

4 " experimental data

Suction (kPa)

primary drying curve

® wetting curve

= secondary drying curve

scanning wetting curve
®  experimental data

20 40 60 80 100 0 20 40 60 80
Saturation (%) Saturation (%)
(a) Case 1 (b) Case 2
Figure 5 Moisture characteristic curves of Shirasu.
Table 2 Parameters of MCC for unsaturated Shirasu
Case | Case?2
Saturated degrees of saturation S 0.867 0.891
Residual degrees of saturation S, 0.20 0.25
Parameter corresponding to drying AEV (kPa) S;  12.00  15.00
Parameter corresponding to wetting AEV (kPa) S, 0.07 0.10
Initial stiffness of scanning curve (kPa) k;, 90 20
Parameter of shape function ¢, 0.30 0.30
Parameter of shape function c¢; 0.60 0.20
Parameter of shape function c; 30.0 10.0
Table 3 Two cases of test conditions used in simulation
Test condition Casel Case2
Ly (cm) 140 140
L; (cm) 60 60
Shape of H(cm) 80 80
slope B (cm) 180 180
a(®) 45 45
Total density  (g/cm’) e 1.2
top drainage drainage =
Boundary bottom water injection undrainage
condition back undrainage water injection
slope drainage drainage
Water injection condition | bottom injection back injection
(fixed head:25cm) | (fixed head:25cm)
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4.3 Simulation of the model test

According to the size of the slope and initial water content, the initial stress state is
calculated by a static analysis before simulation of the model test. The initial suction is
assumed to be uniformly distributed with a value of 7.85kPa the same as the test
condition. The input parameters in numerical simulation are also the same as those in
the test as shown in Table 1 and Table 4. Figure 6 shows the element simulation of
Shirasu under drained and exhausted conditions in saturated and unsaturated state
(suction=10kPa). The parameters of unsaturated Shirasu used in element simulation are
also shown in Table 4. Figure 7 shows the mesh and boundary condition in the analysis.

Table 4 Material parameters of unsaturated Shirasu

Case 1 Case 2

Compression index A 0.055 0.055
Swelling index « 0.01 0.01
Critical state parameter M 1.0 1.0
Void ratio N (p’=98 kPaon N.C.L.) 1.55 1.45
Poisson’s ratio v 0.30 0.30
Parameter of overconsolidation a 2.0 2.0
Parameter of suction & 0.5 0.5
Parameter of overconsolidation f 1.0 1.0
Void ratio Nr  (p’=98 kPa on N.C.L.S.) 1.57 1.47
40 P =10kpa 4
20 @;’EKCMEKK[EGE(K(KECK((’-’z 2
~ A
g o0l 02
= '. —C—gq (suc=0) €
200 |7 —'v—q (suc=10) 2
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Figure 6 Element simulation of Shirasu in saturated (suction=0kPa) and unsaturated
state (suction=10kPa)
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Figure 7 Analysis mesh and boundary condition (1600 elements)

4.4 Results and discussions

4.4.1 Model test results J

Figure 8 shows the changes of negative pore water pressure (suction) at different
depth of the slope with time respectively. From the figure, it can be seen that the suction
started from about -8kpa increase from the lower part of the slope to the upper part. The
suction obtained from the tensiometers installed at the depth of 50cm, increases to
-3kPa, then kept constant for a while and finally increases again to reach failure. The
suctions measured from the tensiometers installed at the depth of 40cm and 30cm
showed the same tendency. However, the suction from the tensiometers installed at the
depth of 10cm and 20cm did not change because the water had not reached the measure
points  before the slope failure. Based on the results it is clearly that a larger amount of
water infiltrated in to the slope and the water pressure in the slope gradually becomes
unstable as time goes. The rapid increase in the suction corresponds to the seepage flow
passing through these measuring points. The physical meanings of the ‘increase in
suction during the initial stage and then kept a constant value of -3kPa after seepage
flow passing through the measuring points should be investigated. -3kPa of pore water

pressure may correspond to the air entry value of Shirasu.

50



_ a) Near the slope Slope head collapses first,
Period of stop affusion Large-scale collapse then progressed destruction

TIII]II] ‘l“l]lllll’llll]lllll
. 3 v

------L a) Near the slope ) --.[ LR

2 f—aeaas osrecsa Sececesarfidesnnsa becmcsasfacacas —

-10 —— — N0 1 {10cm) e e N4 (106m) ‘_\
o §0.2 (10c) et No5 (10cm) -5
<13 —— N0 3 (] 0cm) _q
IlIIl|||IIIIITII'IIIIIIIIII'IIII-I
Tl
b) Near the shoulder

s N0 6 (100ID) ety Ng 9 (40cm) -
] o N0 7 (300H) i N 10 (20cm) §-

Pore water pressure(kPa) Pore water pressure(kPa)
-

Pore water pressure(kPa) Pore water pressure(kPa)

-8
| — N 6 (10cm) —— N0 0 (40cm)
210 o e—fe— No 7 (0cm) —fe Mo 10 (20cm)
|| = N0 § (S0cm)
I

;
= o R C% I;n:dldle
o ) L e LI 210 0 e ol
S P e s
B T
2 7
& 2 sl
8 & 3f
o _ 5 -
& = ———— No.14 (40cm) =1 f— | —— Mo 11 { 10cm)
o —3—— No 15 (20cm) g -10 || —O— Nel2(0cm) ——s— No 13 (20cm)
=] o || e——Omm—Np 13 {0cm)
54 o -2l .
0 50 100 150 200 250 300 = o 50 loo 150 200 250, 300
Elapsed time (min) Elapsed time (min)
a) case-1: water injection from bottom b) case-2: water injection from back

Figure 8 Change in negative pore water pressure with time

4.4.2 Numerical simulation results

The numerical test was carried out using 2D unsaturated-saturated FE-FD Method
based on the proposed new constitutive model for unsaturated soil. Figure 9, shows the
change of negative pore water pressure (suction) with time at the measured points of
two cases respectively. It is found out that the simulation can generally describe the
development of pore water pressure quite well in the points far away from the slope
surface. In the points along the slope surface, however, a rather big difference between
the calculation and the test existed. This might be caused by the assumption that the
coefficients of permeability are the same in vertical and horizontal direction, and the
initial suction is uniform in the whole model slope. Figure 10, Figure 11 shows the
change in distribution of saturation and suction respectively. From these figures, it is
known that the water is infiltrating toward slope surface from the initial position with
time for both cases. 300 min after the start of water infiltration, the water had reached
the toe of slope in Case 1. While in Case 2, the water had not reached the toe. This
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tendency also corresponds to the seepage process in the test. Figure 12 shows the
change of displacement vector distribution with time. For both cases, the ground surface
near back side moves downward on the whole at first 100 min due to water seepage.
After then the ground above the shear band in Case 1 moved towards the toe while the
other ground almost kept unmoved. It can be seen that there is a clear slip area along the
shear band at time 300 min. In Case 2, however, such slip behavior did not show up.
The comparison between the results of simulation and test has confirmed that the
numerical test can generally describe the seepage behavior obtained from the model
slope test. However, the simulation results can not express the measured values and time
of pore water pressure in an accuracy way. An accuracy of MCC, unsaturated
permeability coefficient and skillful manipulation of numerical techniques are needed to

simulate the seepage behavior more precisely.
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Figure 9 Changes in pore water pressure with time
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Figure 12 Displacement vector distributions in the slope

4.5 Summery

In this chapter, the model test on Shirasu slope failure (Kitamura et al, 2007) is
simulated by the proposed FE-FD method based on a rational elastoplastic model for
unsaturated soil. The numerical simulation aims to reproduce the two cases of model
test of unsaturated Shirasu slope failure, in which water injection is conducted from the
bottom and back side of the slope respectively. Simulation results are compared with
test results to verify the proposed constitutive model and numerical method.
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PART II:

NUMERICAL ANALYSIS IN SOLVING GEOTECHNICAL
PROBLEMS INCLUDING LIQUEFACTION
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CHAPTER S5 Numerical simulation of ground improvement for
group-pile foundation and comparison with shaking table test results

5.1 Introduction

To clarify the mechanical behaviors of pile foundations at ultimate state during
strong earthquakes, many researches about the tests on group-pile foundation subjected
to lateral loading either in model scale or in real-scale have been conducted. Also many
engineering problems related to pile foundation subjected to lateral loading have been
investigated. Kimura et al (2007) reported their research work on the development and
application of sheet piles with H-joint steel pile in the construction of foundations for
structures. Khan et al (2008) investigated the static stability of sheet pile quay wall
improved by cement treated sea-side ground with centrifuge model tests. Khan et al
(2009) also conducted dynamic centrifuge tests to verify the behavior of sheet pile quay
wall stabilized by sea-side ground improvement. Hara et al (2010) conducted an
experimental study on the application of piled geo-wall, a composite of independent
reinforced soil structure with pile foundation, as a seismic enhancement measure for
embankment. More detailed remarks on the researches about pile foundation
engineering can be referred to the work by Kusakabe and Kobayashi (2010).

It is known that during a strong earthquake, the dynamic behavior of a group-pile
foundation is related not only to the inertial force coming from superstructures but also
to the deformation of surrounding ground. Therefore, in seismic evaluation of group pile
foundation, it is necessary to understand the behaviors of both group-pile foundations
and superstructures simultaneously during a major earthquake. Needless to say, a
full-scale loading test is the most accurate way to determine the mechanical behaviors
of deep foundations though it might be extremely expensive and time consuming. On
the other hand, numerical simulation also plays a very important role in determining the
behaviors and a large number of numerical studies have been done in this field. Ye
(2007) developed a three-dimensional static and dynamic finite element analysis code
named as DBLEAVES based on finite deformation scheme. In order to confirm the

applicability of the proposed numerical method, a real-scale field test of 9-pile
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foundation subjected to horizontal cyclic loading (Kosa et al. 1998) is simulated with a
three-dimensional (3D) soil-water coupling finite element method (FEM) using the
DBLEAVES. The results are quite convincing and the applicability of the DBLEAVES
is firmly verified by comparing the numerical results with the field test results (J in et al,
2010).

In this chapter, numerical tests on seismic enhancement effect of existing group-pile
" foundation with ground improvement are first conducted to find out the optimum
pattern of ground improvement around existing pile foundation. In the numerical tests,
three influential factors are considered, that is, the depth, the thickness (or height) and
the width (or length) of the ground-improvement zone around the pile group. The
numerical tests are conducted in static push-over condition. The main purpose of the
research is firstly to find out an optimum pattern for the partial-ground improvement
around an existing pile foundation, and secondary to confirm the efficiency of seismic
enhancement by the partial-ground improvement method both by shaking table tests
(conducted by Morikawa and Nakamura, 2011) and numerical analyses. As a
consequence, the applicability of the DBLEAVES for evaluating the seismic behavior of
pile foundation is verified again. In the numerical analyses, nonlinear behaviors of
ground and pile are described by cyclic mobility model (Zhang et al, 2007) and axial
force dependent model (AFD model) proposed by Zhang and Kimura (2002),

respectively.

5.2 Numerical tests on reinforcement effect of ground improvement
around existing pile foundation

5.2.1 Introduction and analysis mesh

Cement-treated ground improvement around an existing group-pile foundation, as
showed in Figure 1, is an applicable way to increase the seismic resistance of pile
foundation because it has some distinct advantages such as less cost, time saving and
less space necessary for construction. Some researchers and the applications of this
method can be found in the works by Maeda et al (2008) and Adachi (2009). The

problem, however, is how to find out an optimum pattern which depends on the size and
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the position of the improved ground zone. In this section, numerical tests on a
group-pile foundation are conducted using the DBLEAVES (Ye, 2007). Calculations are
conducted in static loading condition. Based on the numerical tests results, the optimum
size and position of the ground improvement zone are determined with the static

analyses by judging the validity of the ground improvement in different conditions.

Construction
machine

Figure 1 Cement-treated partial ground improvement methods for existing group-pile
foundation

Figure 2 3D-FEM mesh for static analysis in numerical test

Figure 2 shows the geologic profile of ground and 3D-FEM mesh used in the
numerical tests. The ground is composed of two layers, Toyoura sand layer at upper part
and diluvial clay (DC) layer at bottom as supporting layer of the pile foundation.
Because of the symmetric conditions of geometry and loading, only half of the domain

is taken under consideration. The boundary conditions of the ground are fixed at the
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bottom, sliding at the two side planes. The water table is located at the level of 1.5 m
below the ground surface. The initial stress of the ground is gravitational field without

considering the effect of pile driving.

5.2.2 Models and material parameters used for soils and piles

In the calculation, the soils are described by the cyclic mobility model (Zhang et al.,
~2007) and the material parameters and initial condition of the ground are listed in Tables
1 & 2. As to the cyclic mobility model only employs eight parameters among which five
parameters are the same as those used in Cam-clay model. Other three parameters, the
parameter controlling the collapse rate of structure, the parameter controlling the losing
rate of overconsolidation and the parameter controlling the developing rate of
stress-induced anisotropy, have clear physical meanings and can be easily determined
by undrained triaxial cyclic loading tests ‘and drained triaxial compression tests. Once
the parameters of a geomaterial are determined, then they are fixed to uniquely describe
the overall mechanical behaviors of the geomaterial, without changing the values of the
eight parameters irrespective of what kind of the loading and the drainage conditions
may be. That is, monotonic or cyclic loading and drained or undrained condition. The
capability of the model to describe Toyoura sand in a unified way is discussed in detail
by Zhang et al (2011).

Simulation of drained triaxial compression tests on Toyoura sand and cement-treated
ground under constant mean principal stress are conducted to determine the initial
values of the state parameters of the sand. It is known from the Figure 3 (a) that the
numerical results reproduced quantitatively quite well with the test result of Toyoura
sand. Cement-treated ground is also modelled with the cyclic mobility model (Zhang et
al., 2007). Figure 3(b) shows the theoretical result of triaxial compression test. The peak
strength of the cement-treated soil is adjusted to 1.0MPa, a typical value that can be
obtained in practical engineering. The material parameters 6f the cement-treated ground
are also listed in Tables 1 & 2.

The steel piles are set in a 3x3 pattern with 3m center-to-center pile spacing. The pile
is modelled by a hybrid element proposed by Zhang et al. (2000), composed of a beam
element and 4 solid elements. The nonlinear behaviour of steel pile is described by AFD

model (Zhang and Kimura, 2002) and the parameters of the pile are listed in Table 3.
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The concrete footing above the ground is modelled with an elastic material, so does the

bearing layer (DC layer).
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Figure 3 Elemental behaviour of sand and cement-treated soil under drained triaxial

compression test

Table 1 Material parameters of Toyoura sand and cement-treated soil

Toyoura
sand

Compression index A4 0.050 0.010
Swelling index « 0.0064 0.0030
Critical state parameter M 1.30 1.66
Voidratio N (p'=98kPaonN.C.L.) 0.87 1.1
Poisson’s ratio v 0.30 0.15
Degradation parameter of overconsolidation state m 0.01 0.10
Degradation parameter of structure a 0.50 0.05
Evolution parameter of anisotropy b, 1.50 0.25

Table 2 Initial values of state parameters of Toyoura sand and cement-treated soil

Initial void ratio e, 0.69 0.74

Initial mean effective stress p '(kPa) 196.0 98.0
Initial degree of structure Ry 0.99 0.50
Initial degree of overconsolidation OCR (1/R) 30.0 50.0
Initial anisotropy &y 0.0 0.0
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Table 3 Parameters of steel pile

Material (Steel pipe) SKK 490
Thickness (mm) 14
Outer diameter (mm) 1000
Pile length (mm) 32000

5.2.3 Numerical tests condition

A series of numerical tests are carried out under different size and position of the
improved ground. Three influential factors, that is, the height (H) of cement-treated
ground, the length (L) and the depth (D) from the ground surface to the centre of the
improved area are taken into consideration. In the effective stress analysis, a monotonic
lateral loading with a maximum value of 50 MN is applied at the centre of one side
surface of the footing, where all the nodes on the face move in the same way, i.e. a rigid
surface. Table 4 lists the parameters of the height (H), the length (L) and the depth (D)

used in the numerical tests.

Table 4 Parametric study in numerical tests

Analysis case H (m) D (m) L (m)
NR 0.0 0.0 0.0

H=3.0m 3.0

H=6.0m 6.0

H=9.0m 9.0 7.5 9.0
H=12.0m 12.0
H=15.0m 15.0

D=3.0m 3.0

D=4.5m 4.5

D=6.0m 6.0

D=7.5m 6.0 7.5 9.0
D=9.0m 9.0

D=10.5m 10.5

D=12.0m 12.0

L=7.0m 6.0 7.5 7.0
L=9.0m 9.0
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L=13.5m 13.5
L=18.0m 18.0

5.2.4 Results and discussions

Figure 4 shows the calculated lateral load-displacement relations and the bending
moments of pile No.5 with different values of the height. In the figure, NR represents
non treatment of the ground. It is found from the figure that the larger the height H is,
the smaller the lateral displacement will be. After the height is larger than 12.0 m,
however, the improvement ratio that is defined as the ratio of lateral displacement in the
case of non-cement-treatment to those of cement-treated will not increase any more.
The same tendency can be found in the bending moment. The reduction of lateral
displacement due to the ground improvement with different height is listed in Table 5.

Figure 5 shows the calculated lateral load-displacement relations and the bending
moments of pile No.5 with different values of the depth. It is known from the figure that
the best depth, where the smallest lateral displacement can be achieved, is 4.5 m. The
same tendency can be found in the bending moment. The reduction of lateral
displacement due to the ground improvement with different depth is listed in Table 6.

Figure 6 shows the calculated lateral load-displacement relations and the bending
moments of pile No.5 with different values of the length. It is very clear from the figure
that the larger the length is, the smaller the lateral displacement will be. The same
tendency can be found in the bending moment. The reduction of lateral displacement
due to the ground improvement with different length is listed in Table 7.

It is, however, not an applicable way to increase the length of the improvement
ground without limitation because of the cost, time and workability of the ground
improvement. Therefore, a reasonable length, together with a reasonable height of the
improvement ground, should be decided in real engineering project based on the
concept of improvement efficiency, which is defined as the ratio of improvement ratio
to the total volume of the improved ground. Figure 7 shows the calculated improvement
ratio and corresponding improvement efficiency based on the lateral displacement.
From the improvement efficiency calculated by the numerical tests, the optimum size

and the position of the ground improvement zone are determined, that is, the height (H)

63



is 6m, the depth (D) is from 0 m to 4.5 m and the length (L) is 9m.

It should be pointed out that the optimum geometrical layout of the ground
improvement is assessed basis on the push-over model that only considers inertial force
from superstructures. In reality, however, the seismic behavior of the soil-group pile
foundation-superstructure system is affected by combined inertial and kinematic loading.
The reason why using the push-over model to select such an optimum pattern is only for
the two following factors. The first factor is that in the design of a pile foundation in
practical engineering, the seismic behavior of the piles is evaluated with push-over
model in most cases. The second factor is that when considering kinematic loading due
to soil-foundation interaction, both the nonlinearity of soil and pile should be properly
evaluated at element level to make the sense, which may make the selection very
complicated and unrealistic. One the other hand, in the following chapters, the
enhancement effect of the partial ground improvement method will be investigated in
detail with shaking table test and dynamic analysis. Therefore the way to select the

optimum pattern is relatively reasonable.

Table 5 Calculated maximum lateral displacements and bending moments (different

height)
Maximum lateral Maximum bending
Height H (m) )
displacement (cm) moment (MNem)
Non-cement-treatment 122.0 6.49
3 114.0 6.55
6 97.9 6.46
9 81.2 6.31

Table 6 Calculated maximum lateral displacements and bending moments (different

depth)
Maximum fateral Maximum bending
Depth D (m) )
displacement (cm) moment (MNem)
Non-cement-treatment 122.0 6.49
3 717.5 5.77
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7.5 979 6.46

9 109.0 6.59
10.5 117.0 6.58
12.5 121.0 6.56

length)
Maximum lateral Maximum bending
Length H (m) .
displacement (cm) moment (MNe+m)
Non-cement-treatment 122.0 6.49
7 83.2 5.74
9 74.8 5.35
13.5 45.7 4.19

Table 7 Calculated maximum lateral displacements and bending moments (different
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Figure 4 Calculated lateral load-displacement relations and bending moments of pile
No.5 (influence of height H)
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D (m) D (m)
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(b) Depth and height as variables

Figure 7 Calculated improvement ratio and corresponding improvement efficiency

5.3 Numerical simulation of the shaking table tests a superstructure
group pile foundation ground system with partial ground improvement

5.3.1 Brief introduction of shaking table tests

Photo 1 shows the shaking table test device whose size is 120cm in width and 160cm
in length. The maximum acceleration is 1g and the maximum displacement is Scm. It
should be noticed here that the acceleration measured on the table is just the input
vibration wave, a typical cosine wave with a magnitude of about 6m/s® and a frequency
of 4Hz.

Figure 8 shows the layout of measuring sensors. The accelerometers within the
ground were set along two columns marked with label 4 and B, and the depths of the
places where these accelerometers were set are 10 cm, 20 cm, 30 cm and 40 cm
respectively, as shown in the figure. Position 4 locates at the point 15 cm away from
the center line while Position B locates at the point 15 cm away from the boundary.
Accelerometers were also installed on the table, footing and the top of the pier.

In considering the reinforcement effect of the partial ground improvement method,
two cases, that is, Casel without improvement and Case2 with improvement, were
tested. The pattern of the partial ground improvement is the optimized one that has been

selected with the numerical tests described in previous chapter in which the soil-water
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coupling static elastoplastic finite element analyses were conducted on the group-pile

foundation with different patterns of partial ground improvement area.

The relative density of the model ground is Dr=79.8% with a standard deviation of

0=3.95%. The average height of the model ground is 0.496m with a standard deviation

of 0=0.0038m. The Parameters of pile, pier and footing are shown in Table 8. The

Parameters of improved ground material are shown in Table 9. The input waves in 1G

shaking table test are shown in Figure 9.

Table 8 Parameters of pile, pier and footing

Item Size (prototype) Size (model) Similarity ratio

Pile diameter (m) 1.00 0.02 50
Thickness of pile (m) 0.014 0.001 14
Pile length (m) 25,00 0.50 50
Pile spacing (m) 3.00 0.06 50
Bending stiffness of pile (Nem®) 1.11E+09 ) 1.89E+02 5.87E+06
Weight of upper structure (kN) 7.38E+03 0.059 1.25E+05
Height of pier (m) 7.50 0.15 50
Width of footing (m) 9.00 0.18 50
Thickness of footing (m) 2.50 0.05 50
Elastic modulus of pile £, (kPa) - 7.0E+07 -
Density of pile p (t/m*) - 2.7 -

Table 9 Physical properties of improved ground material

Wet unit weight % (KN/m®) 199
Water content w (%) 21.6
Uniaxial strength q. (kPa) 600.
Poisson's ratio v 0.20
Deformation stiffness Esy (MPa) 10.8
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5.3.2 FEM mesh and parameters

In simulate the shaking table tests, the nonlinear behavior of the ground and the pile
are described by the cyclic mobility model (Zhang et al, 2007) and the AFD model
(Zhang and Kimura, 2002) that can take into consideration of axial-force dependency in
the nonlinear moment-curvature relations.

Figure 10 shows the 3D FEM mesh used in the dynamic analysis for the shaking
table test of Case2. All the ground condition, the size of the group-pile foundation, the
footing and superstructure, are the same as those in the shaking table test. The model
ground is made from Toyoura sand. Because of the symmetric geometric and loading
condition, only half of the domain was considered in the calculation.

The parameters of the pile and the footing are listed in Table 8. The parameters of the
model ground (Toyoura sand) are listed in Table 1. While the initial values of state
parameters of Toyoura sand is listed in Table 10. In the calculation, the input wave is
just the same as the acceleration measured on the shaking table shown in Figure 9. The
pier is modeled with tri-linear model while the improved ground is simulated in the
same way as in the numerical test described in previous chapter. The stress-strain
relation is shown in Figure 3(b) and the material parameters are listed in Table 1.

The material parameters of the ground, Toyoura sand, are all the same as those used
in the past researches (Zhang et al, 2010 and 2011), implying that the parameters of the
Toyoura sand are definitely determined, no matter what kind of the boundary value

problem may be.
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Figure 10 3D-FEM mesh used in dynamic analysis (Case2)
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Table 10  Initial values of state parameters of Toyoura sand in simulating shaking table

tests
Initial void ratio e, 0.68
Initial mean effective stress p(kPa) 100.0
Initial degree of structure R, 0.99
Initial degree of overconsolidation OCR (1/Ry) 30.0
Initial anisotropy {p 0.0

Note: Density p = 1.579 (m’); Relative density Dr=0.80

5.3.3 Simulation results

Responding acceleration

Figures 11 and 12 show the comparison of the test and the calculated responding
accelerations at different position, within the ground, at the ground surface, the footing
and the top of the pier. Apart from the acceleration at the top where the calculated one is
larger than the test, the test results are overwhelmingly well simulated by the

calculation.
Responding bending moment

Figure 13 shows the comparison of the test and the calculated responding histories of
the bending moments within the time interval 4.0~4.5 second. Apart from a small phase
difference, the magnitude of the moment coincides well with each other.

Figure 14 shows the tested and calculated time histories of the bending moments at
the positions of GL-0.01m, GL-0.125m and GL-0.325m. By comparing the results, it is
known that the test results are well simulated on the whole, with the only difference that
in the calculation, the decreasing degree of the moment at the end of the vibration is not
so prominent as observed in the test. The calculated bending moment at the top of the
piles is greatly reduced due to the partial ground improvement.

Figure 15 shows the comparison of the test and the calculated distribution of the
moments in different piles at the time when the maximum bending moment occurred.
The test results are simulated on the whole to some extent, but with large difference at
the end of t_he pile where the test results are overestimated by the calculation, in Piles L

and C. Meanwhile, the difference between different piles is much smaller than those
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observed in the test. The reason of the discrepancy between the test and calculation
might be caused by the fixed condition of the pile end. Because the pile end is inserted
into a hole with a depth of lcm in the test, which may gives raise to some restriction on
the rotation of the end. In the simulation, however, the pile end is assumed to be rotation
free. Further discussion on this issue should be down in the future study.

Figure 16 shows an enlarged part of the histories of the tested and calculated bending
moments at different positions. The calculated results are similar to the test results The
magnitude of the bending moments is dependent on the axial force of the pile, that is,
the maximum moment always occurred in push-into pile that has relative large axial
force while the minimum moment occurred in pull-out pile that has relative small axial
force. Though this phenomenon in the calculation is not as prominent as observed in the
test, the tendency is clearly simulated, showing the calculation is quite convincing.

It should be pointed out from the above .discussio'ﬁ on the responding moments that
the partial ground improvement really determines the expected effect at the pile head,
according to the test and numerical calculation data, large bending moments at natural
soil/reinforced soil interface, however arise in the same order of the magnitude of those
at pile head. It means that the bending moments at natural soil/reinforced soil interface
become critical for pile design under seismic loading. In practical engineering, however,
it is possible to reduce the stiffness of the reinforced soil by controlling the cement
injection so that a more even change of the stiffness around the interface can be
expected, which may be expected to reduce the increase of the moment around the
interface. Further study on this issue by shaking table tests and numerical tests should

be down to clarify the factor.
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(b) Calculation

Figure 11 Comparison of test and calculated responding accelerations (Case 1)
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Figure 14 Tested and Calculated bending moments at different positions
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Figure 16 Calculated time histories bending moments at different positions
5.4 Summary

In this chapter, 3D static numerical tests on seismic enhancement effect of existing
group-pile foundation with ground improvement are first conducted to find out the
optimum pattern of ground improvement around existing pile foundation. In finding out
the optimum pattern of ground improvement around existing pile foundation, numerical
tests considered three influential factors, that is, the size, the location and the shape of

the partial ground improvement around the pile group.
Using the selected optimum pattern of the ground improvement, 3D dynamic FEM

analyses using the same program DBLEAVES was carried out to simulate a shaking
table test on a model full system with a superstructure, a nine-pile foundation and a
sandy ground to verify the enhancement effect of the partial ground improvement
method. It was confirmed by both shaking table test and numerical simulation that the
enhancement effect to reduce the bending moment within the piles can be achieved with
the partial 'ground improvement method, especially within the improved area. 'The study

shows that the proposed numerical method using DBLEAVES is capable to evaluate
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properly the seismic behavior of pile foundation subjecting to dynamic loading.
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CHAPTER 6 Dynamic analyses on undersea soft rock to clarify the
mechanism of the formation from proto-decollement to decollement

6.1 Introduction

The Japanese Islands are located on the boundary of four plates, and experience
massive earthquakes from the geography condition. Then, the oceanic plate underthrust
beneath the continental plate, the decollement zone in the Nankai trough accretion prism
is attracting attention. It is said that before the oceanic plate becoming a boundary, the
decollement equivalent layer referred to as proto-decollement exists in the oceanic plate
as shown in Figure 1. The clarification of the mechanism process of formation from
proto-decollement to the decollement is one step to the clarification of the mechanism
of the earthquake. According to existed study, heterogeneous brittle shear and
consolidation characterize the early evolution of the decollement zone. High density
values in the decollement zone and the rapid drops of density values at its bottom have
been found by X-ray computed tomography scan image. This suggests that the
decollement zone can prevent the consolidation of underlying sediments. Despite
intense brittle fracturing in the decollement zone, the over-consolidation due to the
decollement sealing may induce high fluid pressure at the top of underthrust sediments,
resulting in strain decoupling at the base of the decollement zone (Tobin, et al. 2000).

There are a lot of spaces in the structure of proto-decollement. However, when
forming the decollememt, the cementation between these particles collapses and the
space becomes small. As a result, it is not the regular consolidation trend but the
extremely consolidation, and becomes dense. This extremely consolidation is thought to
be the reason of earthquake caused by plats shifting. The study in this chapter is to study
the mechanism of the form of decollment by numerical simulation.

Continental side sitel174

sitel173  Qceanic side

Proto-decollement

decollement

Figure 1 Trough section of South Sea
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6.2 FEM model and input wave
Material parameters

The numerical simulation is carried in two cases, which are elastic analysis and
elastoplastic analysis. The parameters used in the simulation are shown in Table 1.
Figure 2 shows the stress-strain relationships of the soft rock in triaxial drained tests.

Table1 Parameters of the undersea soft rock (cyclic mobility model)

v €o Rr A K m m* B* Lo br OCR

0.2 0.7 3.9 | 0.011 | 0.00076 | 0.1 0.1 0.5 0 0.1 6(3)

410 -0.006  410* -0.006
O — s = goon il T 0008
] gy e s s = 1 g confinging stress 10MPa
£ o0 b %= W 0 S ='la T
< EE s; :‘u‘nlm_umg stress |OMPa Eg;
) IO‘i . g confinging stress SMPa 0.003 2 104 0.003
£ confinging stress SMPa ;
-4 10* : 0.006  -410* 0.006
0 0.02 0.04 0.06 008 0.1 0 0.02 0.04 006 008 0.1
g, (%) g, (%)
a) Confining stress 5SMPa (OCR6) b) Confining stress |0MPa (OCR3)

Figure 2 Stress-strain relationships in triaxial drained tests

Analysis range and FEM mesh

The analysis takes a large range of length 10000m, width 10000m and depth 3000m
area show as Figure 3. For the boundary conciition, all the boundary surfaces are free
except- that the bottom is fixed in x, y, z direction. The results of elements noted in blue
and nodes noted in red at the depth of 1650m with a confining stress of 9.75MPa are put

out as research target.
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Figure 3 Analysis mesh of 3D and object of study
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Input dynamic wave

The dynamic loading conducted on the soft rock is sine wave with the maximum
value of 10MPa and frequency of SHZ as shown in Figure 4. The loading is conducted
on a node with an equal displacement condition of all the nodes on a 500mX450m

surface as shown in Figure 3.

2.50EH)9 ———

1.50E+09 N “

5.00E+H08 |} ==

Shock wave (kN)

-1.50E+09

s.00e+08  [HHHEHH

-2.50E+09 ‘
0 0.5 1

L5
Time (sec)

2.5 3

Figure 4 Input dynamic loading on soft rock

6.3 Results and discussion

6.3.1 Results of elements in x direction

a) Results based on elastic constitutive model
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Figure 5 Results based on elastic constitutive model at the depth of 1650m

b) Results based on elastoplastic constitutive model
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Figure 6 Results elastoplastic constitutive model at the depth of 1650m

6.3.2 Results of elements in y direction

a) Results based on elastic constitutive model
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Figure 7 Results based on elastic constitutive model at the depth of 1650m

b) Results based on elastoplastic constitutive model
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Figure 8 Results elastoplastic constitutive model at the depth of 1650m

From these figures, the mechanical behavior of undersea soft rock subjected to
dynamic loading can be understood clearly, including acceleration, effective stress,
excess pore water pressure et al. Although the dynamic wave used in the simulation is
just in one direction that is different from earthquake waves which are usually from
three directions at the same time, the mechanism process of formation from
proto-decollement to decollement under high confining pressure due to earthquake can

be clarified by this numerical simulation.

6.4 Summary

The dynamic analysis on the undersea soft rock is performed to clarify the
mechanism process of formation from proto-decollenient to decollement, which is one
step to the clarification of the mechanism of the earthquake. The results show the
mechanical behaviors of soft rock under high confining stress of 9.75MPa including
acceleration, effective stress and excess pore water pressure. The mechanism of the high
density area in decollement can be understood through the analysis. The decollement
zone consolidates only by large shear stress with a high confining stress condition when

subjected to earthquake motions.
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CHAPTER 7 Evaluation of anti-seismic performance of Kanie
Parking Lot foundation based on liquefaction analysis

7.1 Introduction and outline of analysis

The Kanie Parking Lot was designed according to building standards, and the
anti-seismic capacity for the upper structure will not be evaluated because it belongs to
the field of structure mechanics. However, the structure calculation of the upper part is
necessary because the inertial force acts from the upper part to the base. Therefore the
structure model used in this analysis was extracted by the first class authorized architect
according to the conventional specifications of structure.

According to the geometrical condition of the structure, the analysis was carried out
by 2D soil-water coupled finite element method. Cyclic mobility model proposed by
Zhang et al (2007) is used for the ground material in the analysis. The model can
explain the mechanical behaviors of soil in drain condition with different ground
materials, different loading conditions, different densities and different stress-induced
history in a unified way (The parameter of the soil need not be changed in any condition
at all). In the dynamic analysis, Newmark-/ method was used and the integration time
interval is 0.002s. Rayleign attenuation of initial rigidity proportion type was used for
the attenuation.

The analysis was executed in two cases, which are long-pile type designed at first
and short-pile type changed in design. The short-pile type was evaluated as an improved
ground to avoid the enormous computation. In other words, the layer with short piles is
considered to be an improved ground with an elastic material. As for the rigidity of
improved ground, the rigidity of short piles and the rigidity of soil were averaged with
weight based on each volume ratio. The superstructure and piles are assumed to be

elastic materials in analysis.

7.1 Analytical section and ground property
Analysis range and soil layer division

E-F section is made to be the object section for the two dimension finite element

analysis. The analysis domain is 171.65m in widthx33.0m in depth. Moreover, the size
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of building is 67.65m in width and 19.8m in height. For the thickness of each layer,
A51=2m\ A52=2m\ AS3:2m\ AS4=2m\ ASilt.lzsm\ ASilt.2=2m\ AS5=1m\ ASilt..3 :3m\
Ag=6m., Ag=2m. A i 4=2m, Ag=2m, A i s=2m. The groundwater level is GL-2.0m.
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19.8m
Water level GL-2m
A1 £ el v <7
AST T TOOTHIE A4 'y
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- I 33.0m
A ’
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R !
171.65m
(a) Case-1 long-pile type
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Asil?
Asb
AST
PP A TR 3
Asb ‘Slll
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(b) Case-2 improved ground (short-pile type)

Figure 1 Analysis section and soil layers

Ground parameter and soil element behavior

The ground parameter of each soil lay used in calculation is shown in Table 1 and
Table 2. Figure 2 shows elements simulation results in each layer. The liquefaction

strength curve of loose sand layer As; is shown in Figure 3.
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Table 1 Material parameters of each soil layer

Layer A K v Ry ey a b, m
Very loose sand Ag) Ay 0.050 | 0.010 | 0.30 | 4.60 | 0.80 2.2 i35 0.10
Loose sand Ay Ag Ags Ag 0.030 | 0.0060 | 0.30 | 4.60 | 0.78 2.2 1.5 0.10
Middle dense sand A7 A 0.024 | 0.0048 | 0.30 | 4.60 | 0.75 22 15 0.10
Loose silt Agy |3 0.207 0.041 0.35 | 3.50 1. 0.10 0.10 3.8
Bottom silt A 4-5 0.207 0.035 0.35 | 3.50 L1 0.10 0.10 3.8
Improved material E=10kPa; v=0.25
Table 2 Physical and state variable of each soil layer
Layer OCR | D(%) | R’y | k(m/sec) | »(kN/m*)
Very loose sand A Ay 4.0 53 0.80 1.0E-4 17.6
Loose sand A Ag Ags Ag 5.0 58 0.80 1.0E-4 17.6
Middle dense sand Ag;; A 6.0 78 0.80 1.0E-4 17.6
Loose silt Agj 13 2.5 0.60 1.0E-6 16.7
Bottom silt Agjy 45 25 0.60 1.0E-6 17.6
Improved material
30 AL A effective stress path (q/2p=0.1) 30 As ? As4 stress-strain relationship (q/2p=0.1)
20 I — very loose xundl .
| 15
o/ ]
o3 2]
2 0K g0
T.10 \ =
\\ -15
220 .
) [ very loose sand
0 20 a0 e s 100 120 3 03 0.05 0 0.05
o, (kPa) £,

(a) Very loose sand
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(e) Bottom silt

Figure 2 Elements simulation of each layer
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Figure 3  Liquefaction strength curve of the alluvion sand layerAs,

7.3 Input earthquake wave

The input earthquake wave was the forecast 3 synchronization earthquake wave of
eastern sea, southeast sea and south sea that was made by Pro. Sugito Masata in Gifu
university (the giant earthquake countermeasure proposed to society by the national
universities of three prefectures in eastern sea aria, 2011.11.20). Figure 4 shows
earihquake time and acceleration. The main shock of the input wave lasts about 150s
with a maximal acceleration 182 gal. It is less than 5 when expressed in seismic
intensity.
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Figure 4 Time and acceleration of 3 synchronization earthquake wave (Amax:
18.23cm/sec’, Vmax: 22.34cm/sec)
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7.4 Analysis condition

The soil condition used in structure design was based on the result of the boring
No.l survey, and the same soil condition was used in the analysis. The layered
foundation was supposed in the analysis because big stratum ups and downs in the site
of this structure were not found by the other 2 boring dates in the vicinity. In the case of
dynamic analysis, equal displacement boundary (also called periodical boundary) in the
lateral boundary is used to deal with the energy loss problem. On the other hand, the
bottom is fixed relatively, that is the force is inputted from the two sides.

Using the input earthquake wave as shown in figure 3, dynamic analysis was carried
out followed by a 3.5 years period of consolidation after earthquake. FEM mesh and
initial mean effective stress caused by self-weight of structure, car loading and ground is
shown in Figure 5. The lived load becomes uniform caused by parking from the second
floor to the fifth floor. As shown in figure 5, the worst condition that parking
concentrates on the left half sides of all the floors is assumed in the analysis. Before
dynamic analysis, static analysis that considers the structure-ground as a whole system
was carried out to get the initial effective stress of the ground.

67.65m
190.00 ' :ZSup;'aosed car
151.00 :Z loading range, 19.8m  Water level:GL-2m
P = ============:-===:: 2=t e
b 33.0m
34.00 -
A 4

Y4 -500 I_ e : :
0 X 17'1.65m

(a) Case-1  Long-pile type foundation

94



19000 S
151.00 F loading rang, 19.8m  Water level:GL-2m
112.00

73.00

34.00

V4 50 M [ b
| I 171.65m '|
0 X

(b) Case-2  Short-pile type foundation

Figure 5 Mean effective stress distribution of the ground due to self-weight (unit: kPa)

7.5 Liquefaction analysis results and discussion

Figure 6 shows the distribution of displacement vector immediately after earthquake,
and Figure 7 shows the distribution of displacement vector 3.5 years after earthquake.
Figure 8 shows the comparison of vertical displacement of building between the two
cases. Figure 9 shows excess pore water pressure ratio immediately after earthquake.
From the results it is understood that liquefaction occurred in the vicinity of
GL-4~-6.0m (Excess pore water pressure ratio=l1.0).

In the case of long-pile type foundation, the settlement difference of the left and right
side ends is 0.24cm immediately after earthquake. However, in the case of short-pile
type is 6.70cm immediately after earthquake and 12.10cm 3.5 years after earthquake.
The inclination degree of building is 1.8%o based on the amount of uneven settlement
when assuming it to be uniform.
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(b) Case-2 Short-pile type foundation

Figure 6 Distribution of displacement vector immediately after earthquake (unit: m)
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(b) Case-2 Short-pile type foundation

Figure 7 Distribution of displacement vector 3.5 years after earthquake (unit: m) '
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Figure 8 Vertical displacement of building
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Figure 9 [Excess pore water pressure ratio immediately after earthquake

7.6 Summary

Numerical simulation was carried out i)y 2D séil-water coupled finite element
method in two cases, which are the long-pile typg foundation and short-pile type
foundation. The damage of building in the case of short-pile type can not be confirmed
by the liquefaction ground (the damage caused by immovable settlement can be denied,
which is a specialty of the structure and exceeds the range of this analysis). However,
the uneven settlement in the building caused by liquefaction can be confirmed at a
maxim value of12.10cm, which did not occur in the case of long-pile type foundation.
The seismic stability of the structure foundation was well evaluated by this numerical

analysis.
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CHAPTER 8 Conclusions and Remarks

8.1 Conclusions

The main purpose of this research is to investigate the soil-water-air three-phase
mixture theoretically and apply both unsaturated soil mechanic and saturated soil
mechanics to solve boundary value problems. The studies are including:

1) Investigating the mechanical behaviors of unsaturated soil,

2) Proposing a water-air-soil three-phase model in the FE-FD program and performing a
2D numerical analysis on slope failure due to the change of suction;

3) Applying the existed constitutive model for soils in various geotechnical disasters.

From the study, the following conclusions can be obtained:
Related to constitutive model for unsaturated soil

In chapter 2, the mechanic behavior of unsaturated soil was well studied through
various tests dates and simulation dates in literatures. For the constitutive model of
unsaturated soil proposed by Zhang (2011), it uses skeleton stress and degree of
saturation as state variables. To validate the model, element tests on unsaturated clay,
silt, sand and rock fill soil are performed. Trough the comparison of results between
tests and simulation, it is confirmed that the model can give well description of yield
stress, shear strength and volume change behaviors of soil, especially collapse by
submergence. Moreover, the overall behaviors of both unsaturated and saturated soil
under normally consolidated and over-consolidated states can be described uniquely
within the framework of skeleton stress and degree of saturation. Furthermore, abrupt
submergence always causes an immediate collapse and extra positive dilatancy. The
moisture characteristics used in the model can consider the influence of the degree of
saturation on stress-strain-dilatancy relationships of unsaturated soils, for it takes into

account the moisture hysteresis by giving skeleton and scanning curves.

Related to three-phase field theory

In chapter 3, the field governing equations in soil-water-air three-phase problems are
descretized in detail in FEM scheme with a proper incorporation of the constitutive
model in which the degree of the saturation is taken as the state variable. The
three-phase field theory can properly take into account the interaction between the solid
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phase and fluid phase (water and air), which is of great significance in unsaturated
infiltration analysis.
In this three-phase field theory, the displacement of solid u, the pore water pressure
p” are taken as the basic variables in the governing equations. The finite element is used
to discretize the field equations in space, and finite difference method is used for the
discretization of the continuity equation for the pore fluid. Newmark-# method is
employed to descretize the field equation in time.
The simulation of an element subjected to different loading and water infiltration has
been conducted as a boundary value problem and it is known that the collapse behavior
due to the increase of degree of saturation commonly observed in water infiltration test

can be well described by the proposed numerical analysis.
Related to numerical simulation of unsaturated model slope

In chapter 4, combining the new constitutive model and three-phase field theory, 2D
numerical analysis was conducted to simulate the process of infiltration in unsaturated
Shirasu slope.

In both the test and simulation, the pore water pressure increased rapidly after
keeping at a constant value before the slope failure occurred. This phenomenon is very
important in predicting the slope failure. However, this result was just proved in the
model scale, and field measurement date in full scale should be checked.

From the simulation results, the water seepage process with the slope can be observed
clearly. The comparison between simulation and test showed that the numerical
simulation could generally describe the mechanical behavior of unsaturated soil and
seepage behavior obtained from test.

The numerical results can not correspond to the test results at the values of pore water
pressure and the time. The above unsolved problem should be investigated more based

on various unsaturated soil tests and improved numerical method.

Related to numerical simulation of shaking table test on group pile foundation

In this chapter 5, numerical tests with 3D static FEM analyses on seismic
enhancement effect of existing group-pile foundation with ground improvement, are
conducted firstly to find out an optimum pattern of the ground improvement, using the
program DBLEAVES. Based on the results, a shaking table test was then conducted on
a model full system with a superstructure, a nine-pile foundation and a sandy ground

using the selected optimum pattern of the ground improvement to verify the
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enhancement effect of the partial ground improvement method. Moreover, the test result
was also simulated with 3D dynamic FEM analyses using the same program
DBLEAVES. The following conclusions can be given:

In the analysis, the material parameters of the ground, Toyoura sand, are all the same
as those used in the past researches (Zhang et al, 2010 and 2011), implying that the
parameters of the Toyoura sand are definitely determined, no matter what kind of the
boundary value problem may be.

In finding out the optimum pattern of ground improvement around existing pile
foundation, numerical tests considering three influential factors, that is, the size, the
location and the shape of the partial ground improvement around the pile group, are
calculated in static loading with many patterns. It is found based on the concept of
improvement efficiency that for the present pile foundation, the optimum pattern is that
the partial ground improvement zone is 6m in height, 0 m to 4.5 m in depth and 9m in
length.

Based on the optimum pattern, the efficiency of seismic enhancement by the partial
ground improvement method is confirmed by shaking table test. It is found that on the
whole, the enhancement effect to reduce the bending moment within the piles can be
achieved with the partial ground improvement method, especially within the improved
area. In present case, the bending moment at the top of the pile is reduced greatly.

Numerical simulation of the shaking table test with 3D dynamic FEM analysis using
DBLEAVES was also conducted. The same tendency of the reinforcement effect of the
partial ground improvement method was observed in the shaking table test. The
efficiency of the partial ground improvement method for the seismic reinforcement of
the existing pile foundation is also confirmed by the numerical analysis.

The most important result newly obtained in the present study is that, the factor that
the enhancement effect to reduce the deformation of an existing group-pile foundation
and the bending moment of the piles can be achieved with the partial ground
improvement method, has been confirmed by both shaking table test and elastoplastic
finite element analysis. The partial ground improvement method has been used in
practical engineering for some years but its enhancement effect has not been clarified
systematically in previous studies. Another important result newly obtained in the

present study is that, the factor that the proposed numerical method using DBLEAVES
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is capable to evaluate properly the seismic behavior of pile foundation, is verified again.
In the numerical analyses, nonlinear behaviors of ground and pile are described by

cyclic mobility model and the AFD model, respectively.

Related to numerical simulation of undersea soft rock

In chapter 6, simulation is performed on the undersea soft rock under high confining
stress state subjecting to dynamic loading to clarify the mechanism process of the
formation from proto-decollement to decollement, which is one step to the clarification
of the earthquake mechanism. The mechanical behaviors of the soft rock subjecting to
huge dynamic loadings such as earthquake motions were well examined. The study
object is selected at a depth of 1650m under seabed, where has a confining stress of
9.75MPa. Through the results including acceleration, effective stress and excess pore
water pressure, it is understood that the decollement zone which has a high confining
stress may consolidate and become dense when subjected to huge shear stress caused by

~ earthquake.
Related to numerical simulation of Kanie Parking Lot foundation

In chapter 7, numerical simulation was carried out by 2D soil-water coupled finite
element method evaluate the anti-seismic performance of Kanie Parking Lot foundation
in two cases to, which are the long-pile type foundation and short-pile type foundation.
In the numerical calculation based on liquefaction analysis, the process during
earthquake was simulated by a dynamic soil-water coupled analysis, while the process
of dissipation of excess pore water pressure was simulated by a static consolidation
analysis. The mechanical behavior of the ground during liquefaction and the settlement
in post-liquefaction was well examined. Through the results, it is clear that although the
ground in both two cases liquefied, the structure with the long-pile type foundation has
less uneven settlement than the short-pile type foundation after earthquake. The seismic
stabilitif of the structure foundation was well evaluated by this numerical analysis.

Through the research, the numerical method to solve boundary value problems is
confirmed by various calculations and experiments. It has provided an important
procedure to the practice of unsaturated and saturated soil mechanics. Many
geotechnical disasters can be predicted by the numerical method together with in situ
tests. However, there are still some problems remained for future study in the usage of

unsaturated mechanics.
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8.2 Remarks on future study

The validity of the proposed constitutive model for unsaturated-saturated soil should
be confirmed with more laboratory tests in the future study. 2D soil-water-air coupled
finite element analyses were conducted to simulate the unsaturated Shirasu slope
infiltration in three cases. Although the analysis reproduced the water seepage to a
reasonable accuracy, there still some unsolved problem. Firstly, the accuracy of the
relationship between the pore water pressure and time of the collapse of the slope.
Secondly, the simulation was just on model test, the field investigation and the
simulation in real scale slope is needed. Lastly, the simulation of the increase of pore
water pressure with water injection in three different places respectively, was conducted
by increasing the water head from the initial underground water level to the designated
water level. This process is different to the natural raining. In a word, validation and
modification of the proposed constitutive model and numerical method for
unsaturated-saturated soil are needed in future work especially when performing the
analysis in full scale of unsaturated slopes by comparing the simulation results with the
field measurement dates. Moreover, an unsaturated slope failure prevention system
based on the numerical simulation and field investigation should be planed in future

study.
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APPENDIX I BRIEF DESCRIPTION OF CYCLIC MOBILITY
MODEL

The original model (Zhang et al., 2007) is proposed based on the concepts of
subloading (Hashiguchi and Ueno, 1977) and superloading (Asaoka et al., 1998). Here a
brief description of the model is given.

The similarity ratio of the superloading surface to normal yield surface B*and the

similarity ratio of the superloading surface to subloading surface R are given as,

R=L-4 ocr<iaadd-14 @
? q p p

R=%=g,0<Rsl, and %=%=i' @
7 g p P p

where, (p,q),(p,3)and(p,q) represent the present stress state, the corresponding
normally consolidated stress state and the structured stress state at p-g plane,
respectively. The normally yield surface is given in the following form as:

p = 2_p2 2
FBT0+], Jt:er’arr=MDln}{)’—.+MD1113’1-_1\/[2‘:—”2’7+jO JaD? dr =0 3)
0

where, 7' =7", and the other variables involved in Equations, AIl- (1), (2) and (3) are

defined as:

n'=3A-A/N2, A=n-B, n=S/p, S=T +pl, p=-uT /3 4)

¢=~2/3JB-B, n=v2/3Jnn (5)

where, Sis the deviatory stress tensor; B is the anisotropic stress tensor, and T'is the
Cauchy effective stress tensor and is assumed to be positive in tension. In Equation A Il
-(3), J is the Jacobean determination of deformation gradient tensor F and can be
expressed as:

J=detF="= I+e ©)

v, l+e,

where v and vo are the specific volume at the current time (t) and the specific value at
the reference time (t=0). D is the dilatancy parameter which can be expressed by 1, &

the compression and the swelling index, respectively, as follows:



D= A-K :/1—/E %)
M(l+¢,) My,

D’ denotes the plastic component of stretching D which is assumed to be positive in
tension, and is related to the plastic volumetric strain rate in the following form under

the condition that the compressive of the volumetric strain is supposed to be positive:
r__[" P
er = jo JD?dr (8)
By substituting Equations AIl-(1) and ATl -(2) into Equations ATl -(3), subloading yield

surface can also be written as:

£ 7' s{)+MDIn R’ ~MDIn R+ [ rD?dr
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Do M —g 0
An associated flow rule is employed in the presentinodel, namely,
D* = Ao 18T (10)

The consistency equation for the subloading yield surface can then be given as:

if,—-r'+z-i3+MDi_—MD£+JtrDP =0 (11)
aT B R R

where, T and ﬁ are the Green-Naghdi rates of stress tensor T and anisotropic stress

tensor B, respectively. Q is material spin tensor. It is easy to obtain the following

relation:
*2 2 _ 2
5_/’,=MD(_1-,+QM/(M2—;2+17*2))=MD - M - h —— (12)
op P op M= +n7)p

From Equation AII-(12), it is clear that the C.S.L., defined by the condition in which
of lop ~0, always satisfies the relation 7=M, implying that the C.S.L., as the threshold

between plastic compression and plastic expansion, does not move with the changes in

the anisotropy.

Evolution rule for the anisotropic stress tensor is defined as:

o J n
=25 _O2 /3 o7 L 13
B ) . (M -2 3" "" (13)

where, (<M provides a natural physical limitation on the development of anisotropy

automatically., it is known from the evolution Equation Al -(13) that development of



anisotropy will stop at the state whenn=8.
Evolution rule for degree of structure R*, which is the same as in the work by

Asaoka et al. (2002), is adopted:

R =Ju\2/3|D?|, U' =aR'(1-R")/D, (0<R <1) (14)

The changing rate of overconsolidation is assumed to be controlled by two factors,

namely, the plastic component of stretching and the incremental anisotropy as,

. R neof :
R=uU|D? |+ LY. 15
v (1s)
In which, ﬁ is proportional to the norm of the plastic component of stretching |D?
and Uis given by the following relation as:
' ' \2
__m plp) R (16)

D (p/py) +1

where p,=98.0 kPa is reference stress.

If the stretching is divided into elastic and plastic components, and the elastic

components follow

T -ED’, D=D°+D", T =ED—AE% (17)

The positive valuable A ((A=1)) can be rewritten as :

9 Ep
Ae oT (18)
Ted g M wmop
oT oT ~ (M*-C*+q)p

where

M2 _ mMIn R (“D'/'p(')z)Z }
R (p /po) +1
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M (M M)

M2 =

J677*2 +1(M2 _772)2
3 (19)

The loading criteria are given below:



A >0 loading
A=0 neutral
A <0 wunloading

(20)

In most cases, the denominator is positive, therefore, A>0 is equivalent to the

following relation:

Y Ep>o (21
or



APPENDIX 11 AXIAL-FORCE DEPENDENCY MODEL
(AFD MODEL)

The derivation of a beam model considering the axial-force dependency and taking a weak form
of the equilibrium equation for a beam, which satisfies the compatibility of the deformation, is given
in detail. For abbreviation, the model is called as axial-force dependent model (AFD model, Zhang
and Kimura, 2002a). In the model, the plane-section assumption is still kept valid and the
stress-strain relations of reinforcement and concrete are shown in Figure IV-1. As shown in Figure,
&, the strain at a arbitrary point P(x,y) at the sectional plane of a beam, can be divided into three
parts, that is, the bending strain &,; due to M,, the bending strain g,,, due to M, and axial strain & due

to axial force, as shown in following equation,
e, =t o+ = @f ol Of 1. f [ U= F) [}

T
{6}={u,- vi w0y 60, u, v, w, 0, 6’yj}

where, is the nodal displacement

vector.
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the position where peak strength is reached

the position where residual stress state is reached
a post-peak position where the maximum compressive strain
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Figure IV-1 Nonlinear properties of reinforcement and concrete
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The virtual energy stored in the beam element due to a virtual Strain can be expressed as,
U = ([fo,de,dv ={ds}" [ E{A] {F@}HF @) [4){o} ®)
v

On the other hand, virtual energy W brought about by the external force due to a virtual displacement,
is W={d&}" {F}. Therefore, the virtual energy theory (W=U) can be obtained as

(F} = [ E{A] {FHF @Y [dlav-{5}=[K] {6} ©

where, [K]is the stiffness matrix of the beam element and can be rewritten as
[K]= (i1 E[4] [1]4lav @

—{F@}-F@Y =i, @ @ HEW ()
(sl @f ol @f i@ ) ®

In the classical beam theory, [/] is defined by Equation AIV- (9) in which the influence on the M-@

relation due to the axial force is not considered, namely,

(=] @} o) A ol o) el o) ©



Based on Equations AIV- (8) and (9), [/] can be rewritten as

[1]=[1]+11,] (10)

where, [1;]is evaluated by the following equation:

- (b, Moy of oy @b, f
Sl ot of i o of
ot of i o of |

[Z;] is the newly added item which takes into consideration the influence on the M-@ relation due to

the axial force. Based on the above equations, [K] can be expressed as

(11
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where,
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EA=[{E-dA, EI, =[[E-x*-dA
El,=[[E-y*-dA, El =[[E-x-y-d4 (14)
Ec=[[E-x-dd, Ey=[[E-y-dA

The integration in Equation 14 can be evaluated by discretizing area 4 into N small areas 4, and
taking the sum as

2 N . 2
El, =[{E-x*-dd=YE;x} 4. (15)

i=1



